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Systematic, well-designed research provides the most ef-
fective approach to the solution of many problems facing 
highway administrators and engineers. Often, highway 
problems are of local interest and can best be studied by 
highway departments individually or in cooperation with 
their state universities and others. However, the accelerat-
ing growth of highway transportation develops increasingly 
complex problems of wide interest to highway authorities. 
These problems are best studied through a coordinated 
program of cooperative research. 
In recognition of these needs, the highway administrators 
of the American Association of State Highway and Trans-
portation Officials initiated in 1962 an objective national 
highway research program employing modern scientific 
techniques. This program is supported on a continuing 
basis by funds from participating member states of the 
Association and it receives the full cooperation and sup-
port of the Federal Highway Administration, United States 
Department of Transportation. 
The Transportation Research Board of the National Re-
search Council was requested by the Association to admin-
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which authorities on any highway transportation subject 
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them. 
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identified by chief administrators of the highway and trans-
portation departments and by committees of AASHTO. 
Each year, specific areas of research needs to be included 
in the program are proposed to the Academy and the Board 
by the American Association of State Highway and Trans-
portation Officials. Research projects to fulfill these needs 
are defined by the Board, and qualified research agencies 
are selected from those that have submitted proposals. Ad-
ministration and surveillance of research contracts are 
responsibilities of the Academy and its Transportation 
Research Board. 
The needs for highway research are many, and the National 
Cooperative Highway Research Program can make signifi-
cant contributions to the solution of highway transportation 
problems of mutual concern to many responsible groups. 
The program, however, is intended to complement rather 
than to substitute for or duplicate other highway research 
programs. 
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PREFACE 	There exists a vast storehouse of information relating to nearly every subject of 
concern to highway administrators and engineers. Much of it resulted from research 
and much from successful application of the engineering ideas of men faced with 
problems in their day-to-day work. Because there has been a lack of systematic 
means for bringing such useful information together and making it available to the 
entire highway fraternity, the American Association of State Highway and Trans-
portation Officials has, through the mechanism of the National Cooperative Highway 
Research Program, authorized the Transportation Research Board to undertake a 
continuing project to search out and synthesize the useful knowledge from all pos-
sible sources and to prepare documented reports on current practices in the subject 
areas of concern. 

This synthesis series attempts to report on the various practices, making spe-
cific recommendations where appropriate but without the detailed directions usually 
found in handbooks or design manuals. Nonetheless, these documents can serve 
similar purposes, for each is a compendium of the best knowledge available on 
those measures found to be the most successful in resolving specific problems. The 
extent to which they are utilized in this fashion will quite logically be tempered by 
the breadth of the user's knowledge in the particular problem area. 

FOREWORD 
By Stafj 

Transportation 
Research Board 

This synthesis will be of special interest and usefulness to bridge engineers and 
others seeking information on pile foundations. Detailed information is presented 
on pile design principles and criteria. 

Administrators, engineers, and researchers are faced continually with many 
highway problems on which much information already exists either in documented 
form or in terms of undocumented experience and practice. Unfortunately, this 
information often is fragmented, scattered, and unevaluated. As a consequence, 
full information on what has been learned about a problem frequently is not 
assembled in seeking a solution. Costly research findings may go unused, valuable 
experience may be overlooked, and due consideration may not be given to recom-
mended practices for solving or.alleviating the problem. In an effort to correct this 
situation, a continuing NCHRP project, carried out by the Transportation Research 
Board as the research agency, has the objective of synthesizing and reporting on 
common highway problems. Syntheses from this endeavor constitute an NCHRP 
report series that collects and assembles the various forms of information into single 



concise documents pertaining to specific highway problems or sets of closely related 
problems. 

Pile foundations are used by all state highway agencies and by other organiza-
tions involved in civil engineering projects. However, present procedures for design 
vary considerably among agencies and in some cases do not reflect the best available 
information. This report of the Transportation Research Board reviews design 
principles and construction problems and recommends criteria based on current 
knowledge. 

To develop this synthesis in a comprehensive manner and to ensure inclusion 
of significant knowledge, the Board analyzed available information assembled from 
numerous sources, including a large number of state highway and transportation 
departments. A topic panel of experts in the subject area was established to guide 
the researchers in organizing and evaluating the collected data, and to review the 
final synthesis report. 

This synthesis is an immediately useful document that records practices that 
were acceptable within the limitations of the knowledge available at the time of its 
preparation. As the processes of advancement continue, new knowledge can be 
expected to be added to that now at hand. 
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DESIGN OF 
PILE FOUNDATIONS 

SUMMARY 	The first problem facing the designer of a foundation is to determine whether or 
not the site conditions are such that piles must be used. Piles are used where 
upper soil strata are compressible or weak; where footings cannot transmit inclined, 
horizontal, or uplift forces; where scour is likely to occur; where future excavation 
may be adjacent to the structure; and where expansive or collapsible soils extend 
for a considerable depth. 

Piles may be classified by material type or by method of placement. The choice 
of pile type is influenced by subsurface conditions, location and topography of the 
site, and structural and geometric characteristics of the structure to be supported. 

The designer of a deep foundation must possess a variety of skills, much experi-
ence, and considerable knowledge of engineering sciences. No set of simple rules 
and procedures can be expected to cover the variety of conditions and forms of 
instability that can endanger a deep foundation. 

The ultimate load on a pile is the load that can cause failure of either the pile 
or the soil. The pile failure condition may govern design where pile points pene-
trate dense sand or rock, but in most situations, ultimate load is determined by the 
soil failure. The soil always fails in the same manner: punching shear under the 
point, accompanied or preceded by direct-shear failure along the shaft. Because 
the ultimate load is often not well defined, various empirical ultimate load criteria 
have to be used. Most often these have been based on considerations of plastic 
(irrecoverable) or total (plastic and elastic) settlements of the pile under a test 
load. Unless the load-settlement curve shows a definite peak load, the most accept-
able criterion would define the ultimate load as that causing total pile settlement 
equal to 10 percent of the point diameter for driven piles and 25 percent for bored 
piles. 

Computation of the ultimate load is quite difficult and a "general solution" is 
not yet available. For design purposes, the ultimate load is separated into two 
components: the base or point load, and the shaft or skin load. Theories for deter-
mination of point load based on the plasticity theory are now considered inadequate 
and are being replaced by linear or nonlinear elasto-plastic theories. The theoretical 
approach for evaluation of skin resistance is similar to that used to analyze resistance 
to sliding of a rigid body in contact with the soil. Equations are available to calcu-
late the point and skin resistances. However, the calculations require detailed 
knowledge of strength and deformation characteristics of the soil strata and also of 
the variation of density and water content within those strata. For most structures, 
the cost of obtaining this information is prohibitive; in addition, it is normally 
preferable to estimate unit resistance directly from such field tests as the static-cone-
penetration test, standard penetration test, or pressuremeter test. 

The displacement needed to mobilize skin resistance is small compared to that 
for point resistance. Thus, ultimate skin resistance is reached much sooner than 
point resistance and the portion of the load carried by the point is smaller in work-
ing conditions than at failure. 

In situations where soil around a pile moves downward (e.g., because of water 
removal from aquifer strata), it exerts a negative friction (downdrag) on the pile 
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and may cause severe damage to the structure. Several methods are available to re-
duce negative skin friction, including installing piles in casing or coating them with 
bitumen. 

The mechanics of load transfer between pile and soil is very complex. Some 
parameters are difficult to express in numerical terms. Yet numerical assessment is 
essential, and several analytical methods are available, based either on a transfer-
function approach or an elastic-solid approach. 

Settlement analysis of pile foundations is somewhat similar to that of shallow 
foundations. However, there are differences because the soil has been disturbed by 
pile placement and thus may exhibit sharp variations of stiffness. Furthermore, a 
driven pile may retain residual stresses, the exact position of load transfer to the 
soil is unknown, and adjacent piles may have an effect. Thus, only approximate 
solutions to pile settlement are available. 

Pile foundations are normally constructed as groups of closely spaced piles. 
Pile spacing is based on stability and economy; ideally, the spacing should be such 
that the group capacity is not less than the sum of the capacities of the individual 
piles. However, this is not always possible. The ultimate load of a group may be 
less than the sum depending on soil type, size and shape of the group, spacing and 
length of piles, and construction procedures. In addition, settlement of a group is 
usually more than that of a single pile with comparable working load. There is cur-
rently no acceptable rational theory for the bearing capacity of groups. A number 
of empirical "efficiency formulae" have been used, as well as other methods. How-
ever, current knowledge of the factors affecting bearing capacity and settlement of 
pile groups is limited and research is needed for safe, economical design. 

When a pile is required to transmit lateral loads into the ground, it is necessary 
to determine lateral deflection, slope of the pile axis, and position and magnitude 
of maximum bending moment. If certain assumptions are made, the solutions are 
relatively simple and reasonably accurate. 

Horizontal movements of the ground can cause a dangerous lateral loading on 
piles that can be large enough to break a pile in bending or shear. Piles in areas 
where this type of loading can occur must be designed with a sufficient safety factor 
to prevent failure. 

Buckling of fully embedded piles is rare as long as the soil is capable of sup-
porting a pile in friction. Partially embedded piles may be analyzed to determine 
the buckling load. 

Horizontal loads on pile groups may require that some piles be battered to 
avoid excessive movement of the foundation or bending in the piles. Design solu-
tions are available that show a reasonable agreement with observed behavior. 

Pile driving is most commonly done by impact hammers wherein a ram falls 
or is driven repeatedly against the pile head. Vibratory drivers are also used. At 
the driving site the engineer needs to know whether a pile can be driven with a 
given hammer; if so, what is the set in the final blows, what is the maximum stress 
in the pile, and should a hard or soft cushion be used? To answer these questions, 
a rational analysis may be useful. Computations show that both compressive and 
tensile stresses in piles can be reduced by using a heavier ram with lower impact 
velocity. The stresses can also be reduced by the use of cushions. The wave-
equation approach, despite some shortcomings, is superior to the conventional 
"pile-formula" approach, although the latter may work well for many sites. 

Because of the many uncertainties in analysis of pile foundations, it has be-
come customary to perform full-scale pile load tests at the site of important projects 
to verify actual pile response to load. Various arrangements are used to load the 
test pile, all incorporating a hydraulic jack to transmit the load and gauges to mea- 



sure movement. A strain rod arrangement built into the test pile allows measure-
ment of settlement at points along the pile. Two principal methods of loading are 
used. In the load-controlled mode, the load is applied in increments of the design 
load and maintained until settlements cease. In the displacement-controlled mode, 
small increments of settlement are imposed and maintained until the load reaches 
equilibrium. In a variation of the latter mode settlement, increments are imposed at 
specified time intervals. Load testing can not be used as a substitute for an engi-
neering analysis of anticipated performance under load. Such an analysis should be 
based on the principles outlined in this synthesis and must include an adequate soil 
exploration and testing program. 

CHAPTER ONE 

INTRODUCTION 

ESTABLISHMENT OF NEED FOR A PILE FOUNDATION 

The first difficult problem confronting the designer of a 
foundation is to establish whether or not the site conditions 
are such that piles must be used. Principal situations in 
which piles may be needed are shown in Figure 1. The most 
common case is that in which the upper soil strata are too 
compressible or generally too weak to support heavy verti-
cal reactions transmitted by the superstructure. In this 
instance, piles serve as extensions of columns or piers to 
carry the loads to a deep, rigid stratum such as rock (point-
bearing piles, Fig la). If such a rigid stratum does not 
exist within a reasonable depth, the loads must be gradually 
transferred, mainly by friction, along pile shafts (friction 
piles, Fig. ib). 

Piles are also frequently required because of the relative 
inability of shallow footings to transmit inclined, horizon-
tal, or uplift forces and overturning moments. Such situa-
tions are common in design of earth-retaining structures 
(walls and bulkheads) and tall structures subjected to high 
wind and earthquake forces. Piles resist upward forces by 
negative friction around their shafts (uplift piles, Fig. ic). 
Horizontal forces are resisted either by vertical piles in 
bending (Fig. id) or by groups of vertical and battered 
piles that act as a structural system, combining the axial and 
lateral resistances of all piles in the group (Fig. le). 

Although the use of pile foundations is normally asso-
ciated with the presence of some weak strata in the soil 
profile, it is by no means restricted to such soil conditions. 
For example, pile foundations are often required when 

The distinction between point-bearing piles and friction piles, com-
mon among practitioners, is somewhat arbitrary in the sense that all piles 
transmit loads simultaneously along their shafts and at their points. It 
would be more accurate to distinguish between predominantly point-
bearing and predominantly friction piles. Strictly speaking, the use of 
these terms is justified only when either shaft load or point load is 
neglected in design. 

scour around footings could cause erosion, in spite of the 
presence of strong, incompressible strata (such as sand or 
gravel) at shallow depths. In such conditions, piles serve 
as the ultimate assurance that the foundation loads will be 
transmitted to the ground even if the currents erode the soil 
surrounding the base of the structure (Fig. if). A similar 
use of piles is found occasionally in urban areas, where 
future construction operations may present serious prob-
lems for the planned structure if shallow foundations are 
used. In the example shown in Figure ig, where future 
excavation is anticipated, it may be advisable to use piles 
to carry foundation loads below the level of expected ex-
cavation. This may deter costly damages and eliminate the 
need for future underpinning. 

In areas where expansive or collapsible soils extend to 
considerable depth below the soil surface, pile foundations 
may be needed to assure safety against undesirable seasonal 
movements of the foundations. The function of piles in 
such situations is to transfer the foundation loads, including 
uplift from an expanding soil (Fig. lh) or downdrag from 
a collapsing soil, to a level where the soil is not affected by 
seasonal movements of moisture. Similar need for pile 
foundations can arise in areas of discontinuous permafrost 
to ensure transmission of loads to the part of the ground 
not affected by surface thaw. 

To establish whether or not given structural loads can be 
transmitted by a shallow foundation, a reasonably detailed 
analysis of bearing capacity and settlement or, more gen-
erally, displacement of a hypothetical shallow foundation 
as an alternate solution is often needed. Such an analysis 
provides the dimensions and depth of shallow footings 
needed to ensure desired safety against shear failure in the 
soil around the foundation, as well as the magnitude and 
time-rate of displacement of these footings under antici-
pated loads. This analysis should follow established pro- 
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Figure 1. Situations in which piles may be needed. 

cedures based on principles of soil mechanics (see Refs. 1, 
2). A comparative an 	of the pile foundation alterna- 
tive is then made following the methods presented in this 
synthesis. An approximate cost analysis of both alternatives 
may also be needed if both a shallow foundation and a pile 
foundation are technically feasible. Such an analysis fol-
lows the principles of engineering economic analysis (3) 
and may include such factors as construction time and 
uncertainties. For examples of comparative cost analyses 
of shallow and deep foundations, see References 4, 5. 

To determine the depth of pile penetration needed as pro-
tection against scour, a study of the hydraulic regime of the 
particular stream or beach may be necessary in addition to 
collection of records on local experience. For important 
high cost structures, expert advice in river or coastal hy-
draulics is needed. References 6, 7, and 8 contain simple 
guidelines for analysis of this type of problem. 

In expansive soils, it is essential for good design to ensure 
the transfer of foundation loads through the most active 
upper layers of swelling soil to the more stable deeper strata. 
It is necessary first to establish, by appropriate soil testing 
and analysis, (a) the anticipated variation of moisture con-
ditions on the site and (b) the depth of the active zone. 
Such a study can be made following some of the proposed 
approaches for analysis of soil moisture and suction pro-
files on the site (9-12). Guidelines for pile design in such 
conditions can be found in References 13, 14, and 15. The  

design problems of piles subjected to uplift by frost heave 
of soils or by movements of a frozen ice sheet surrounding 
a pile in water are somewhat similar (see Refs. 16, 17). 

SELECTION OF PILE TYPE 

There are many different types of piles (at least 100 have 
been described in the engineering literature) and they can 
be classified in different ways. Classification on the basis 
of material divides piles into timber, steel, and concrete. 
These materials are sometimes combined to form com-
posite piles. Timber and steel piles are always prefabri-
cated; concrete piles can be precast of reinforced or pre-
stressed concrete, or cast in situ. Casting in situ is usually 
done under the protection of a casing, which can be re-
moved to be re-used or, can be left in the ground as an 
integral part of the pile. Occasionally, in firm and stable 
ground, piles can be cast without any casing. A review of 
the primary advantages and disadvantages of pile types 
classified on the basis of material is given in Table 1. More 
details, including structural features, durability, and con-
struction characteristics of different types, can be found in 
References 4, 18, 19, and 20. 

Structural behavior of piles is greatly affected by the 
method of their placement into the ground. When classi-
fied on this basis, piles can be divided into displacement 
piles and bored (nondisplacement) piles. Displacement 



TABLE 1 

PRINCIPAL ADVANTAGES AND DISADVANTAGES OF DIFFERENT PILE TYPES 

PILE TYPE ADVANTAGES DISADVANTAGES 

Timber Easy to handle or cut-off. Decay above water table, especially in 
Relatively inexpensive marine environment. 

material. Limited in size and bearing capacity. 
Readily available (USA). Prone to damage by hard driving. 
Naturally tapered. Difficult to extend. 

Noisy to drive. 

Steel Easy to handle, cut off, Subject to corrosion, require protec- 
extend. tion in marine environment. 

Available in any length or Flexible 	H-piles 	may 	deviate 	from 
size, axis of driving. 

Can penetrate hard strata, Relatively expensive material. 
boulders, soft rock. Noisy to drive. 

Convenient to combine with 
steel superstructure. 

Concrete: Durability in almost any Cumbersome to handle and drive. 
Precast environment. Difficult to cut off or extend. 

Convenient to combine Noisy to drive. 
with concrete superstructure. 

Cast-in-place: Allows inspection before Casing cannot be re-used. 
Casing left in concreting. Thin casing may be damaged by im- 
ground Easy to cut off or extend. pact or soil pressure. 

Casing withdrawn No storage space required. In soft soils shaft may be squeezed 
or no casing Can be finished at any by soil cave-in. 

elevation. In case of heavy compaction of con- 
Can be made before excava- crete 	previously 	completed 	piles 

tion. may be damaged. 
Some types allow larger dis- If concrete is placed too fast there is 

placements in weaker soils, danger of creation of a void. 
Some types have no driving 

operation suitable where 
noise and vibration are 
prohibited (downtown). 

piles are placed in the ground by operations such as driv-
ing, jacking, or vibration. In all cases, the pile displaces the 
surrounding soil and causes some increase in lateral ground 
stress, along with possible densification of the soil. The de-
gree to which the effects of displacement are felt depends 
on the geometry of the cross section of the pile, as well as 
on the method of pile placement. Thus, a closed-end pipe 
or a full-section square pile causes much larger lateral-stress 
increase than an open-ended pipe or a steel H-pile. (The 
latter two are examples of low-displacement piles.) In 
loose, cohesionless deposits, driven piles may cause con-
siderably more soil densification than vibrated or jacked 
piles and the degree of densification will, to a certain ex-
tent, depend also on the type of hammer used, as well as on 
the magnitude and frequency of driving strokes. 

Nondisplacement piles are driven prefabricated, or cast 
in a hole created by removing an equal volume of soil from 
the ground. This is usually done by operations such as 
augering (drilling, rotary boring) or grabbing (percussion 
boring), often under protection of a casing, or drilling mud, 
or both, which are used to prevent soil cave-in and large-
scale disturbance. In very dense, cohesionless strata, jetting 
with water can be used, at least part of the way, to remove 
an equivalent volume of soil and to ease driving to the de- 

sired depth. Piles so formed would be classified as partially 
or fully nondisplaced. Their placement causes little or no 
change in lateral ground stress, and consequently, such piles 
develop less shaft friction than displacement piles of the 
same size and shape. 

Thechoice of appropriate pile type in any given cir-
curiiiice is 

-locãtion and topography of the site, and structuralfige'- 
metrical characteristics of the proposed superstructure. Sub-
surface soil and water conditions usually represent_the most 
'ignificant frs. For example, if the bearing stratuiñi 
ha'fdrëkre'dby boulders or disintegrated rock, it is 
essential to select a pile type that can penetrate to the de-
sired elevation. The presence of thin strata of hard rock or 
of loose boulders, coarse gravel, or simply landfill contain-
ing debris of old, buildings also poses special problems of 
penetration that can preclude the use of several pile types 
and give special advantage to others. Loose cohesionless 
soils develop much greater shaft-bearing capacities if driven, 
high-displacement piles are used. The displacement effect 
can be enhanced by the use of tapered shafts; however, the 
potential increase in shaft capacities is undesirable if nega-
tive friction is to be feared. High-displacement piles may 
also be undesirable in stiffer cohesive soils because they can 
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cause excessive soil heaving. The presence of groundwater 
and its flow condition can be a deciding factor in whether 
or not to use casing for open-ended, cast-in-situ concrete 
piles. Sometimes, as in the case of artesian pressures in 
water, uncased piles should be excluded from consideration. 

Location and topography of the site may sometimes play 
an important role in selection of pile type. In congested 
urban locations, driven piles may be undesirable because of 
noise or the potential damage caused by vibrations, soil den-
sification, or ground heave. Prefabricated piles may be un-
desirable if storage space is not available. In remote, rural 
areas, characteristics of access roads (bridge capacity and 
headroom) may restrict the use of certain kinds of pile con-
struction equipment and thus eliminate certain pile types. 
Local availability of a certain material, such as timber or 
steel, may often have a decisive effect on the economy of 
a certain pile type. An offshore or in-river location some-
times dictates the use of prefabricated as opposed to cast-
in-situ piles. Steep terrain may make the use of certain 
pile-driving equipment more costly or even impossible. 

Structural and general characteristics of the proposed 
superstructure may also sometimes make certain pile types 
less desirable. For example, heavy structures with large 
reactions require high-capacity piles rather than timber and 
small-diameter cast-in-situ piles. For small, isolated struc-
tures the cost of bringing the pile construction equipment to 
the site can be significant; thus, pile types that can be placed 
by light, locally available equipment are advantageous. 

Although one pile type may emerge as the only logical 
choice for a given set of conditions, more often several 
different types may meet all of the requirements for a par-
ticular structure. In such cases the final choice is made on 
the basis of a cost analysis that should assess the over-all 
cost of alternatives, including uncertainties in execution, 
time delays, and cost of load testing programs, as well as 
differences in the cost of pile caps and other elements of the 
structure that may differ among alternatives. 

NOTATIONS AND DEFINITIONS 

A = cross-sectional area of pile shaft (L2). 
A,. = cross-sectional area of the cushion (L'). 
A1,= bearing area of pile point (L2 ). 
A, = bearing area of pile shaft (L2 ). 
B = pile diameter (L). 
B = pile group width (L). 

Cqi i, Cqv, 
C 1,, C1, = pile reaction factors, Eq. 68 (dimensionless). 

Cq,,, C1,,,, 
C = pile reaction factors, Eq. 68 (L-'). 

C, C, = pile settlement coefficients (dimensionless). 
D = embedded pile length (L). 

= relative density of the soil (dimensionless). 
E, = modulus of elasticity of the cushion (FL-2). 
E = modulus of elasticity of pile shaft (FL-2). 
E, = modulus of deformation of the soil (FL-2). 

E,* = plane strain of deformation modulus of the 
soil (FL-2). 

H = horizontal component of external load (F).  

I = moment of inertia of pile section (L4 ). 
I, I fl,, I = transfer coefficient for pile displacement 

(dimensionless). 
'rr, = rigidity index of the soil. 

11)1) = transfer coefficient for point displacement 
caused by point load (dimensionless). 

Ips = transfer coefficient for point displacement 
caused by shaft load (dimensionless). 

K, = cushion stiffness (FL-'). 
Kb  = soil reaction modulus (FL-2 ). 
K1  = soil reaction modulus for zero deflection 

(FL-2 ). 
K, = coefficient of at-rest lateral earth pressure 

(dimensionless). 
K1, = coefficient of passive earth pressure (di-

mensionless). 
K, = coefficient of shaft pressure (dimensionless). 
L = pile length (L). 
L, = stress wave length (L). 
L f  = depth of fixity of the pile (L). 
M = bending moment (FL). 

M,, M, = pile group constants (L). 
M v  = compression modulus of the soil (FL-2 ). 

N = standard penetration blow count (blows! 
foot). 

= corrected standard penetration blow count 
blows! foot) 

N,* = bearing capacity factor for cohesion term 
(dimensionless). 

N1, = lateral soil reaction constant, Eq. 58 (di-
mensionless). 

N' = bearing capacity factor for overburden term 
(dimensionless). 

N = bearing capacity factor for mean normal 
ground stress term (dimensionless). 

N, = bearing capacity factor for shaft resistance 
(dimensionless). 

N', = bearing capacity factor for shaft resistance 
in terms of mean normal ground stress 
(dimensionless). 

P = lateral pile load (F). 
P = pile perimeter (L). 

Q = axial pile load (F). 

Q, = nominal design load. 

Qcrit = critical buckling load of the pile (F). 
Q. = ultimate load (F). 

Q = ultimate point load (F). 

Q= ultimate shaft load (F). 
R = pile reaction during driving (F). 

Rg  = resultant of external loads acting on pile 
group (F). 

S,, S2, S3  = pile group constants (dimensionless). 
T = characteristic length of the pile-soil system, 

Eq. 54 (L). 
Tb = time factor, Eq. 12 (dimensionless). 
V = vertical component of external load (F). 

Wr = weight of ram (F). 
31 = external load couple acting on pile group 

(FL). 



c = constant in pile driving formula (L). 
c = velocity of wave propagation through the 

pile (LT-'). 
c = strength intercept-cohesion (FL-2). 

c = adhesion between pile shaft and soil (FL-2). 
ch  = coefficient of radial consolidation of the soil 

(L1T-'). 
= ultimate shaft resistance (FL-2). 

average shaft resistance (FL-2). 
g = acceleration due to gravity LT-2. 
h = hammer stroke (L). 

h 	thickness of the cushion (L). 
kn  = coefficient of axial pile reaction (FL-1). 
kt  = coefficient of lateral pile reaction (FL-1). 

= coefficient of soil reaction (FL-3). 

p = distance between pile axis and group center 
(L). 

= reactive lateral pressure on the pile (FL-2). 

p11  = ultimate cavity expansion pressure (FL-2). 
p0  = ultimate soil reaction pressure (FL-2). 
q = distance between pile head and the point on 

pile axis closest to center of pile group (L). 
= cone point resistance (FL-2). 

q0  = ultimate point resistance (FL-2). 
q = normal stress acting on pile shaft (FL-2). 
q = effective vertical ground stress (FL-2). 

q 3  = average vertical ground stress over pile 
length (FL--2). 

s = pile set during driving (L). 
s = pile spacing (L). 

= undrained shear strength (FL-2). 

t = elapsed time (T). 
= characteristic length, Eq. 64 (L). 

u = lateral deflection of pile head (L). 
up  = lateral pile deflection (L). 
u = lateral soil displacement (L). 
v = velocity of any point along the pile (LT'). 

v0  = ram impact velocity (LT-1). 
w = settlement of a single pile (L). 

w = critical displacement between pile shaft and 
soil (L). 

w0  = vertical displacement of pile head (L). 
w = vertical displacement of pile point (L). 

w7  = vertical displacement of a point on pile axis 
at depth z. 

W1)1)  = point displacement caused by point load (L). 
Wl)S = point displacement caused by skin load (L). 
w = axial deformation of pile shaft (L). 
x = coordinate of pile head (L). 

= coordinate of pile group center (L). 
z = distance along pile axis (L). 

z = coordinate of pile group center (L). 
a = adhesion coefficient = //s11  (dimensionless). 

= skin load distribution coefficient, Eq. 37 
(dimensionless). 

a = inclination angle of pile axis to the hori-
zontal (dimensionless). 

$ = correlation coefficient between q0  in t/Sf 
and N. 

y = effective unit weight of the soil (FL-3). 

= effective unit weight of the pile (FL-3). 

= effective unit weight of water (FL-3). 

= angle of friction between the soil and pile 
shaft (dimensionless). 

= hammer efficiency (dimensionless). 
= pile group efficiency (dimensionless). 
= pile reaction coefficient, Eq. 63 (dimension- 

less). 
= group settlement factor (dimensionless). 

U = slope of deflected pile axis at ground line 
(dimensionless). 

A = correlation coefficient between q0  and p,, 
(dimensionless). 

A = lateral stiffness ratio of the piles (dimension- 
less). 

= Poisson's ratio of the soil (dimensionless). 
p = friction ratio, Eq. 21 (dimensionless). 

PP  = mass density of the pile. 
a- = pile driving stress (FL-2). 

= compressive stress in the pile (FL-2). 
tensile stress in the pile (FL-2). 

= mean normal ground stress (FL-2). 

= angle of shearing resistance of the soil 
(dimensionless). 

= angle of shearing resistance in terms of effec- 
tive stress (dimensionless). 

= pile group constant, Eq. 70 (FL). 



CHAPTER TWO 

DESIGN CRITERIA 

BASIC DESIGN CONSIDERATIONS 

The designer of a deep foundation must possess a variety 
of skills, much experience, and considerable knowledge of 
engineering sciences. No set of simple rules and procedures 
(such as those developed in some areas of structural de-
sign) can he expected to cover the variety of conditions and 
forms of instability that can affect a deep foundation. The 
following discussion outlines some basic design criteria that 
it design engineer may find useful in meeting the basic 
requirements of safety, dependability, functionality, and 
econoni y. 

As in the case of shallow foundations, principal dimen-
sions of deep foundations are determined so as to satisfy 
two basic requirements of safety: (a) the foundation must 
possess sufilcient safety against failure and (b) the founda-
tion should not undergo excessive displacements under 
working loads. Thus, the nominal design load (Q) should 
not exceed a specified fraction of the ultimate load 
so that at any time 

Q 	 (1) 

in which F, is a safety factor. At the same time, the settle-
ments and horizontal displacements of the foundation un-
der working loads should not exceed specified limits set by 
the usage requirements and structural tolerances of the sup-
ported structure. (For details on safety factors, working 
loads for settlement analysis, and settlement tolerances, see 
Refs. I, IS, 2/, 22.) 

The ultimate load (Q0) is the load that can cause either 
the structural failure of the foundation itself or the bearing-
capacity failure of the soil. Excluding buckling and bend-
ing under the action of lateral loads and failure caused by 
excessive stresses during pile driving, which is discussed 
later, structural failure is assumed to occur when the maxi-
mum axial stress in the foundation shaft equals the critical 
stress for the shaft material (yield stress for steel, com-
pressive or tensile strength for concrete or timber). This 
condition may govern design where pile points penetrate 
into very dense sand or rock. In most other situations, the 
ultimate load is determined from considerations of bearing-
capacity failure of the soil. 

THE ULTIMATE.LOAD CRITERION 

Although the mode of shear failure of soil under a shallow 
foundation varies with the soil type, rate of loading, and 
other factors (cf. Ref. I), experience shows that soil under 
a deep foundation always fails in the same manner; i.e., 
in punching shear under the foundation point, accompanied 
or preceded by direct-shear failure of the soil along the 
foundation shaft (Fig. 2). As in the case of punching 
shear of shallow foundations, the ultimate load is rarely 

well defined; in many cases there is no visible collapse of 
the foundation and no clearly defined peak load (Fig. 3). 
To decide, on the basis of visual examination alone, on the 
magnitude of ultimate load in such cases can be quite de-
ceiving. Figure 4 (23) shows the same load-to-settlement 
relationship of a test pile drawn in two different scales. 
Although the upper diagram may suggest that an "ultimate 
load" of 100 tons (90 metric tons) is reached, the lower 
indicates that the pile still has unused capacity at that load. 
Thus an unambiguous criterion is needed to establish the 
nominal magnitude of the "ultimate load." 

Various ultimate-load criteria, all empirical in nature, 
have been proposed and used by different researchers and 
design organizations (/9). As given in Table 2, such cri-
teria are most often based on considerations of plastic (ir-
recoverable) or total (plastic plus elastic) settlements of the 
pile under the test load. A comparison of ultimate loads 

Figure 2. Failure pattern under a model pile in soft clay (33). 
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Figure 3. Load-displacement diagrams for series of test piles in sand (44). 

obtained by applying these criteria to results of actual load 
tests shows relatively little difference (±10 percent) as long 
as the piles are not greater than 12 in. (300 mm) in diame-
ter. However, substantial differences between ultimate loads 
obtained by various criteria can be found from results of 
load tests of large-diameter or very long piles (221). 

To properly interpret these differences, it is essential to 
recall some basic facts about the mechanism of load trans-
fer between a pile and surrounding soil. Modern research 
on pile behavior has established that full mobilization of 
skin resistance requires a relative displacement between the 
pile shaft and surrounding soil of 0.25 to 0.40 in. (6 to 
10 mm), regardless of pile size and length (24). At the 
same time, mobilization of ultimate point resistance of a 
pile requires a displacement of approximately 10 percent of 
pile-tip diameter for driven piles and as much as 30 percent 
of the pile-tip diameter for bored piles. With these facts it 
is not difficult to understand that 1 in. (25 mm) of total 
settlement or 0.5 in. (13 mm) of plastic settlement may 
indeed nearly mobilize the ultimate load of a 6-in. (50-
mm)-diameter pile but only a fraction of the ultimate load 
of a 96-in. (2 400-mm)-diameter bored pile. A simple cal-
culation based on knowledge of basicload-settlement rela-
tionships of loaded areas demonstrates that 0.03 in./ton  

(0.8 mm/metric ton) of deformation may be indicative of 
failure stage for a small pile and still represent a normal 
deformation rate of a large pile in the safe-load range. 
Thus, it follows that certain ultimate-load criteria given in 
Table 2 (la, 2, 5, or 6), containing absolute magnitudes of 
plastic or total limit settlement can not generally be valid. 
As such, they should be eliminated or substituted by analo-
gous pile-diameter-dependent criteria.*  It should be also 
equally easy to prove that Criterion 9 of Table 2 can not 
be generally valid because it assumes that the ultimate load 
can be reached only after an infinitely large displacement. 
The remaining criteria (ib, 3, 4, 7, and 8) appear to be 
equally dependable, particularly if lb is corrected to ex-
clude the elastic (recoverable) deformation of the pile shaft 
from the total settlement. From the practical point of view, 
Criteria 3 and 4 have the disadvantage of being tied to the 
traditional time-consuming maintained-load testing method 
whereas Criteria 7 and 8 require load testing to very large 

The widely used AASBTO criterion of defining failure load as plastic 
settlement of 0.25 in. (6 mm) may be in order for small piles; it is defi-
nitely overconservative for piles exceeding 12 in. (300 mm) in diameter. 
A good aubstitute criterion would be limiting plastic settlement to, perhaps, 
2 percent of the pile diameter. 

* * This criterion can offer some service in Situations where load test was 
terminated before reaching the ultimate load; it offers a consistent ap-
proach to extrapolation of a load-settlement diagram toward failure. 
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TABLE 2 

RULES FOR DETERMINATION OF ULTIMATE LOAD 

2. Limiting plastic settlement 
0.25 in. (AASHTO) 
0.33 in. (Magnel) 
0.50 in. (Boston Code) 

3. Limiting ratio plastic settlement/elastic settlement 
1.5 (Christiani and Nielsen) 

elastic settlement increment 
plastic settlement increment 

(Széchy, 1961, Ref. 25) 

5. Limiting ratio setitlement/load 
Total 0.01 in./ton (California, Chicago) 
Incremental 0.03 in./ton (Ohio) 

0.05 in./ton (Raymond Co.) 

6. 	Limiting ratio plastic settlement/load 
Total 0.01 in./ton (New York City Code) 
Incremental 0.03 in./ton (Raymond Co.) 

settlement increment 
7. 	Maximum ratio 

load increment 
(Vesid, 1963, Ref. 26) 

8. Maximum curvature of log w/log Q line 
(De Beer, 1967, Ref. 27) 

9. Van der Veen postulate 

w=Pln(l_ Q ) 

(Van der Veen, 1953, Ref. 23) 

displacements, normally not less than one half of the pile-
tip diameter. 
çpablejorgeneraLenginerjng practice. It should be used 
in the following corrected form: Unlessthe loadseWernent 
curve fa pile shows a definite peak load the ultimate load 
is dfiuièd as the load causing total pile settlement equal to 
10 percent of the point diameter for driven piles and 25pçr-
cant of the point diameter for bored piles 

COMPUTATION OF THE ULTIMATE LOAD 

The basic problem of computation of ultimate load of a 
deep foundation can be formulated as follows: A cylindri-
cal shaft of diameter B (Fig. 5) is placed to depth D inside 
a soil mass of known physical properties. A static, vertical, 
central load (Q) is applied at the top and increased until 
a shear failure in the soil is produced. The problem is to 
determine the ultimate load (Q0) that this foundation can 
support. 

Although an obvious similarity exists between this prob-
lem and the analogous problem for a shallow foundation, 
there are some distinct differences that must be kept in 
mind from the outset. In the case of a shallow foundation, 
the bearing soil, which is under the foundation base, has 
normally not been disturbed, except for changes in effective  

ground stresses caused by excavation, placing of the foot-
ing, and, possibly, backfilling. However, in the case of a 
deep foundation, the bearing soil, which is normally both 
above and below the foundation base, is almost always dis-
turbed. The degree of disturbance depends on soil type and 
the method of placement of the foundation. In the case of 
bored piles (Fig. 6a) most of the change occurs around the 
foundation shaft, where a relatively narrow zone of soil sur-
rounding the pile must undergo some remolding because of 
soil removal by augering or other means. At the same time, 
depending on the construction procedure, some lateral-stress 
relief usually takes place before installation of the founda-
tion. In the case of driven piles, however, substantial soil 
remolding both above and below the foundation base is 
unavoidable. If the surrounding soil is clay (Fig. 6b), a 
zone extending about one pile diameter around the pile may 
experience significant changes in structure and, depending 
on clay sensitivity, may lose considerable shear strength, 
which is partially or totally regained over an extended 
period of time. 

In the case of piles driven into saturated stiff clay, there 
are significant changes in secondary structure (closing of 
fissures), extending to a distance of several diameters 
around the pile, with remolding and complete loss of effects 
of previous stress history in the immediate vicinity of the 
pile. If the surrounding soil is cohesionless silt, sand, or 
partially saturated clay (Fig. 6c), pile driving may cause 
soil densification, which is most pronounced in the im-
mediate vicinity of the pile shaft and extends in gradually 
diminishing intensity over a zone extending between one to 
two pile diameters around the pile shaft. The driving proc-
ess is also accompanied by increases in horizontal ground 
stress and changes in vertical stress in the pile vicinity, some 
or all of which can be lost by relaxation in creep-prone soils. 
In dense, cohesionless soils (such as sand or gravel), 
loosening may take place in some zones, along with sub-
stantial grain crushing and densification in the immediate 
vicinity of the pile. [According to Kérisel and Adam (28), 
some of the test piles in dense sand were excavated and 
pulled out with a hull of highly densified, crushed material 
that resembled a fine-grained sandstone.] In such soils there 
are permanent changes in horizontal as well as in vertical 
ground stress that can be highly pronounced. Hard driving 
can leave large residual stresses in both the pile and the soil, 
consideration of which may be essential for understanding 
the behavior of the pile-soil system (Fig. 6c). Because piles 
are often designed in groups, the situation is further compli-
cated by the complex and not always well-understood effect 
of placing of adjacent piles. For these and other reasons 
the problem under consideration poses difficulties un-
paralleled in other common soil mechanics problems. A 
general solution to the problem is not yet available and will 
be difficult to formulate. 

For design purposes the ultimate load is conventionally 
separated into two components, the shaft or skin load (Q8) 

and the base or point load (Q,), which are superimposed 
as follows: 

Q. = Q1, + Q= q0A  +fA 	 (2) 

A and A  represent, respectively, the bearing areas of the 

1. Limiting total settlement 

	

(a) Absolute 	1.0 in. (Holland, New York City Code) 

	

._—(b) Relative 	10% of pile tip diameter (England) 

4. Maximum ratio 
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two diflerent scales (23). 
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Figure 5. Basic problem of a deep foundation. 
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foundation base and shaft; q0  and f, are the unit base and 
shaft resistances expressed in stress units (ton/ft2  or kPa). 
These unit resistances depend on a number of parameters, 
most significant of which are the strength and deformation 
characteristics and the initial state of stress of the soil strata 
involved, as well as the shape, size, material properties, and 
method of placement of the foundation. 

The bearing areas of the foundation base (A0) and shaft 
(A8 ) are, by definition, the exposed areas of the pile body 
in contact with soil. In the case of piles with developed 
profiles, such as open pipe or H-pile, the unit resistances 
(q0  and f) are usually expressed in terms of fictitious bear-
ing areas (A1)  and A8) defined as areas contained within the 
outer perimeter of the profile. This is associated with ob-
servations of formation of a soil plug within the interior of  

the pipe or between the outer flanges of the H-profile. In 
the case of cohesionless soils, where the q0/18  ratio may be 
very high, it is advisable to verify that the assumed plug can 
transmit the reaction from pile point to the main body of 
the pile by friction (226). 

In the case of piles with enlarged bases (such as belled 
piers), the effective bearing area of the shaft may be re-
duced by the long-term downward movement of the soil 
immediately above the base. Although there is little indica-
tion from experimental data that this reduction is signifi-
cant, some designers (4) recommend that a length of the 
shaft above the base equal to base diameter be disregarded 
in computing the bearing area of the skin. (The side of 
the enlarged base is almost always disregarded in computing 
skin resistance.) 

CHAPTER THREE 

PILE RESISTANCE 

POINT RESISTANCE 

The theories seeking to relate the unit resistances (q0  and 
f) to known pile and soil characteristics are still under 
development. Classical theories for determination of q0, 

based on plasticity theory alone, are considered inadequate 
(29) and are being replaced by more refined, linear or non-
linear elasto-plastic theories. Conventional theories present 
the solutions for q0  in the well-known form 

q0  = cN* + qyNq * 	 (3) 

in which c represents the strength intercept (cohesion) of 
the assumed straight-line Mohr envelope and q, the effec-
tive vertical stress in the ground at the foundation level. 
Nc* and Nq*  are dimensionless bearing- capacity factors, 
related to each other by the equation 

NC  _ 
-

*(Nl_1)cotçb 	 (4) 

which remains valid when dealing with a nominally linear 
Mohr envelope defined by a constant angle of shearing 
resistance (4)). 

Most recent research on this subject (30-32) shows be-
yond doubt that the point resistance is governed not by the 
vertical ground stress (q) but by the mean normal ground 
stress (cr0 ), which is related to qv  by the expression 

1 + 2K 
00= 	3 	

(5) 

in which K0  represents the coefficient of at-rest lateral pres-
sure. Thus, the bearing-capacity equation (Eq. 3) should 
be used in the following revised form 

(6) 

in which N* and N0  are appropriate factors, related to 
each other by the correspondence theorem (Eq. 4), and a-
represents the mean normal ground stress given by Eq. 5. 

The computation of N0  can, in principle, be made by 
any of the established methods of geotechnical analysis that 
takes into account soil deformability prior to failure. It is 
essential, however, that the computation be based on a 
realistic failure pattern. According to observations on mod-
els and full-size piles, there always exists under the pile tip 
a highly compressed conical wedge I (Fig. 7). In rela-
tively loose soil, this wedge forces its way through the mass 
without producing other visible slip surfaces. However, in 
relatively dense soil wedge I pushes the radial-shear zone II 
sideways into the plastic zone III. Thus, the advancement 
of the pile into dense soil is made possible by lateral ex-
pansion of the soil along the circular ring (BD), as well 
as by any compression possible within zones I and II. This 
characteristic pattern in a soft bentonite clay (33) and in 
dense sand (26, 34) is presented in Figures 2 and 8. 

Figure 9b (35) shows a scale drawing of the shape of 
a highly compressed wedge under a pile in dense sand, 
along with variations of sand density (Fig. 9a) and dis-
placement pattern around the pile tip (Fig. 9c). In these 
examples, the base angle of wedge I is approximately equal 
to 45 + 4)/2, if 4) is taken as secant angle at the appropriate 
stress level. However, the sides of the wedge appear to 
have a concave curvature, forming an obtuse, rounded tip 
instead of a sharp apex. 

Details of a recommended procedure to obtain N0  as a 
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function of angle of shearing resistance (4)) and rigidity 
index (1rr)  of the soil can be found in Appendix A, which 
also contains a table of values of the bearing-capacity 
factors N and 

A chart of Ne-values is shown in Figure 10. If a com-
parison with N,1  -values given in conventional theories is 
made, it is important to keep in mind that these theories 
related q0  with vertical ground stress (q), which is related 
to the mean, normal ground stress (o-,)  by Eq. 5. It follows 
from Eqs. 3, 5. and 6 that 

N 1 =(1 ±2K0 )N 	 (7) 

Thus, for the total range of K, between 0.4 and, for exam-
ple. 2.5, the conventional" N11*  should be compared with 
0.6 to 2 N. A review of experimental values of N11* ob-
served in different pile investigations is shown in Figure II 
and summarized in Table 3. The available evidence sug-
gests that the N1 -values for driven piles in ordinary quartz 
sands of alluvial and marine origin do not exceed those for 
shallow square footings. Thus, a good approximate formula 
for N1*  expressed in terms of 4) alone is (1): 

= (1 	et-I nO 	(8) 

In applying this expression or chart in Fig. 10 it is es-
sential to consider 4)-angles corresponding to the stress level 
at failure in the vicinity of pile point. For medium-to-dense 
sands, these angles may be substantially lower than 4)-angles 
determined from triaxial tests performed at conventional 
low pressures (37). 

/ 
I.  

/ 
/ 

Figure 7. Assumed failure pattern under pile point. 

It is also important to note that the N*values  for a 
homogeneous deposit of dense sand decrease quite dras-
tically with depth, as both 4) and 'rr  decrease substantially 
with mean normal stress (37). For example, at 80 percent 

( 

(a) 
	

(b) 
Figure 8. Failure patterns under pile point in dense sand (220. 34). 
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relative density the Chattahoochee sand at 10 psi (70 kPa) 
has a 4)-angle of 45° and an Irr 'al1e of 122. The same 
sand at 1,500 psi (10 mPa) has a 0-angle of 32.5°  and an 
lrr value of 10. The corresponding Nq*values  for a nor- 
mally consolidated deposit are, respectively, 125 and 14. In 
view of this, the increase of penetration resistance with 
depth in dense sand is not linear. The fact that both 4) 
and 'rr  vary with pressure is the source of important scale 
effects (not immediately visible from Eq. 6) that are mani-
fested in decrease of q0  with increase in pile size at the same 
relative depth (38). 

SKIN RESISTANCE 

The theoretical approach for evaluation of unit skin resist-
ance (f8) is generally similar to that used to analyze the 
resistance to sliding of a rigid body in contact with soil. It 
is assumed that f consists of two parts: adhesion (ca), 
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sacked 

® 36" concrete,\ 
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8 steel pipe Tokyo 65% 17$' (1971) 

52 

7 	 Eq. 7 - 
Chattahoochee sand 	- 

D8O% 

15 

which should be independent of the normal stress (q8) act-
ing on foundation shaft, and friction, which should be pro-
portional to that normal stress. Thus in any particular 
stratum in contact with the foundation shaft: 

f8 =c+qtan6 	 (9) 

In this equation tanS represents the coefficient of friction 
between the soil and the shaft, which, according to cx-
peEience with piles of normal roughness, can be taken equal 
to tan 4', the coefficient of friction of the remolded soil in 
terms of effective stresses. The pile-soil adhesion (Ca) is 

- 	 31 

VERTICAL GROUND STRESS (T/SF) 
Figure 11. Experimental values of N in sand from different investigations. 



19.  

1.0 

z 

0. 

16 

TABLE 3 

EXPERIMENTAL VALUES OF N IN SAND 

N 5 5  

SAND RELATIVE BORED 
COMPACTNESS DENSITY (%) DRIVEN PILES PILES 

Very dense >80 60-200 40-80 
Dense 60-80 40-80 20-40 
Medium 40-60 25-60 10-30 
Loose <40 20-30 5-15 

Source: Figure 11 and other records. Higher values apply to shorter 
piles. 

normally small and for design purposes can be neglected. 
The normal stress on the shaft (q8) is conventionally 

related to the effective vertical stress at the corresponding 
level prior to placement of the pile by a coefficient of skin 
pressure (K 8), defined as q8/q, so that Eq. 9 can be re-
written as 

f 8 =K 8tancbq, 	 (10) 

The coefficient K 5  depends mainly on the initial ground-
stress conditions and the method of placement of the pile; 
however, it is also affected by pile shape (particularly taper) 
and length. In bored or jetted piles, K 5  is equal to or smaller 
than the coefficient of earth pressure at rest (K 0). In low-
displacement driven piles, such as steel H- or open pipes, 

it is somewhat larger, rarely exceeding 1.5 even in dense 
sand. For short, driven, high-displacement piles in sand, 
K 5  can be as high as the coefficient of passive earth pres-
sure, K 11  = tan2  (45 + 4)12). However its magnitude seems 
to drop with the increase of depth of penetration, reflecting 
the fact that the effective stresses in the vicinity of the tips 
of such piles can be considerably lower than the initial 
ground stresses at the same level (39, 40, 41). 

For piles driven into normally consolidated soft-to-firm 
clays, K 5  is equal to or slightly larger than K 0. The skin 
resistance may be initially low because of the existence of 
pore pressures set up by pile driving and corresponding re-
duction in effective overburden stress (q.). However, as 
the pore pressures dissipate and q approaches its initial 
value, the skin resistance of many clays may, after sufficient 
waiting period, become approximately equal to their un-
drained shear strength (s). This long-established fact has 
led investigators into comparing the skin resistance with the 
undrained shear strength for all clays. Such comparisons 
(42) show that in general 

f5=as. 	 (11) 

in which a is a coefficient that for different pile types and 
soil conditions can vary between 0.2 and 1.5. For exam-
ple, it has been suggested that for soft-to-firm clays (sr,  0.5 
tons/ft2 ), a should be equal to 1. For cast-in-situ bored 
piles in London clay, a varies between 0.3 for very short 
piles to 0.6 for long piles, with an average value of 0.45 
(43). Figure 12 shows that comparisons of this kind have 
only limited meaning. 

SOURCE OF DATA: 
I 

Be - BergIelt (1957) 
SYMBOLS: 

B 	- Bjerrum (1953) 0 CAST-IN SITU CONCRETE PILE 

E 	- Eide at a[ (1961) 0 DRIVEN CONCRETE PILE 

G 	Golder (1953) 0 STEEL PILE 

Golder 6 Leonord (1954) 0 TIMBER PILE 

L 	- Lo & Stermac (1964) 

N 	Meyer hof.(1953) 

R 	- Roth,, & Tomlinson (1953) 

- S 	Skempton (1959)  

T 	- Tomlinson (1953) 

U 	- U.S. Army Waterways Eop. Sto. (1950) 

:: W 	- Woodword at al (1961) 

Be 
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Figure 12. Comparison between skin resistance of piles in clay and undrained strength (44). 
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There is solid evidence that the skin resistance of piles 
is governed by the effective stress conditions around the 
shaft. Early research on behavior of piles in soft clays has 
established that the increase of skin resistance with time was 
connected with horizontal migration of pore water caused 
by excess pore pressures initiated with pile driving (48, 49, 
89). Soderberg (50) has shown that the increase of bear-
ing capacity of friction piles in clay is essentially a phe-
nomenon of radial consolidation of clay, which can be 
analyzed by the basic equation of the radial diffusion 
theory. The gain in resistance with time should be con-
trolled by the time factor T1, defined by 

(12) 

in which c11 is the coefficient of radial consolidation of the 
soil mass; r, elapsed time since pile driving; and B, pile 
diameter. Thus, the time needed to develop maximum 

pile capacity should be proportional to the square of pile 
size. Available field data on the subject are assembled in 
Figure 13, which shows also a theoretical prediction of 
increase of bearing capacity with time for two large piles 
driven into a deep deposit of marine clay (51, 52). It is 
seen that, in comparison with conventional small-diameter 
piles, the bearing capacity of larger piles continues to in-
crease over ,a much longer period after driving. This is 
important to keep in mind when making estimates of wait-
ing period for load testing. Figure 13 (see Horten Quay) 
also shows that the piles driven in a group exhibit much 
slower gain in bearing capacity than individual piles. This 
fact is significant for proper interpretation of group action 
of piles in soft clay. 

On the basis of the aforementioned early research and 
other observations, it was suggested by Chandler (45) and 
Vesi6 (44) that variations of skin resistance of piles in clay 
could be better understood if test results were interpreted in 

Cr  
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I 
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Figure 13. Field data on increase of bearing capacity with time for friction piles in clay. 
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terms of effective stresses and Eq. 10. Comparisons of this 
kind (45-47, 53) show that shaft friction of bored piles in 
stiff-to-hard clays, as well as the shaft friction of all piles 
in soft clays, can be determined from Eq. 10, which, for 
design purposes, may be written in the following simplified 
form 

f 8 =N8q. 	 (13) 

In this equation N8  represents a dimensionless bearing-
capacity factor, which apparently varies very little with the 
angle 4). For piles in normally consolidated clays inducing 
no appreciable change in lateral ground stress conditions, 
it can be assumed (46, 53) that K8  = K. = 1-sin4)', or that 

N8  = (1-sin4)') tan4)' 	 (14) 

where 4)' represents the angle of shearing resistance of re-
molded clay in drained conditions. Eq. 14 indicates that, 
when 15° <4)' < 30°, N8  should vary between 0.20 and 
0.29. 

A different expression for N8  can be derived assuming 
that the vertical component of ground stress (pz)  remains 
unchanged upon pile driving, although the pile skin becomes 
a slip surface. In this way one obtains (63) 

sin4)'coscb' 
N8= 

1 +sin24)' 	
(15) 

U, 
z 

Eq. 15 yields approximately 20 percent higher N8-values' 
than Eq. 14. Figure 14 shows the available experimental 
values of N8  from load tests of piles in a variety of loca-
tions. It can be seen that N. indeed varies very little with 
soil and pile type and that Eq. 15 or an average value of 
0.29 can be proposed for preliminary design. Other com-
parisons indicate that Eq. 14 or an average value of 0.24 
may be more appropriate for tension piles or negative skin 
friction. There may also be a tendency toward lower N8-

values for very long piles and higher N8-values for shorter 
piles, which may derive a greater proportion of their shaft 
friction from the lightly overconsolidated clay crust. For 
piles in overconsolidated clay crust, where the at-rest pres-
sure coefficient (K0) varies with depth, the N8-value also 
varies with the pile length (53) and can be computed from: 

N 8  = 

tan4),JD  - 	
q,K,,dz 	 (16) 

Dqva 

in which 	is the average vertical ground stress over the 
considered pile length (D). For London clay, this expres-
sion gives values varying from about 1.20 at shallow depth 
to less than I at great depth. A comparison with observed 
values of N8  from a number of tests in London clay is given 
in Figure 15. It is seen that N. = 0.8 represents a con-
servative value for preliminary design in London clay. 

In the case of piles driven or jacked into stiff, over-
consolidated clays, the load tests indicate generally higher 
N8-values, resulting from increased lateral stress on the pile 

kN/m2  
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Figure 14. Observed values of skin bearing-capacity factor N. in normally consolidated clays. 
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shaft. Some available data from load tests on such piles are 
assembled in Figure 16. It is seen that the N8-values for 
such piles can be as high as 5 for relatively short piles. 
However, there is a considerable decrease of N8  with pile 
length, similar to that in dense sand (shown for compari-
son in Fig. 16). The explanation for this decrease is 
analogous to that for piles in sand: apparently the state of 
stress along the pile shaft does not increase in proportion 
to pile length or the lateral ground stress (26, 44). Other 
possible factors that have a similar effect include the in-
crease of gap between pile shaft and clay near soil surface 
(54), as well as reduction of K0  with depth in overconsoli-
dated clay deposits. The combined effect of these factors 
apparently results in a quasi-constant skin resistance (/) 
beyond a certain pile length. Because of this, it may be 
easier to relate / empirically with the undrained shear 
strength of clay (Eq. 11), although apparently the co-
efficient cc also decreases with the increase of pile length. 
However, the explanation of variation of cc for different 
deposits must still be sought by using the effective stress 
analysis and an expression such as Eq. 10 because there are 
solid indications that the behavior of piles in stiff clay is 
frictional in nature and fundamentally similar to that of 
piles in dense sand (47). 

Measured values of N. for driven piles in very dense 
sand are similar to those for piles in stiff clay, decreasing 
from about 2 for very short piles to about 0.4 for very long 
piles (40, 63). In loose sand Na  can be as low as 0.1 
with no obvious decrease with increasing pile length. Avail-
able test data for piles in medium-to-dense sand seem to 
suggest that after some penetration into the sand stratum, 
/ reaches a quasi-constant limit value, which is, for a given 
sand deposit, a function of the initial sand density, and 
probably overconsolidation ratio of the deposit only (29, 
39, 63). Tests for three different sands from Georgia (39) 
indicate for driven piles 

f 	(0.08)(10) 	 (17) 

and for bored or jacked piles 

/8= (0.025)(10) 1 r 	 (18) 

in which / is the unit skin resistance in tons/ft2  and Dr  is 
the relative density of sand deposit. Later studies (70) for 
a variety of other sand deposits indicate that Eqs. 17 and 
18 may represent a lower limit and that the average of all 
recorded data in different sands indicates values approxi-
mately 1.5 times greater (see Fig. 17). Also, values of 
fa  as much as 1.8 times greater are reported for short, 
tapered piles (71). It remains uncertain, however, to what 
extent fa  for cylindrical piles still increases with depth, how-
ever slowly, and whether Na  for tapered piles decreases with 
depth as fast as it does for cylindrical piles. 

It is significant to note that most recent research on this 
subject (30-32) indicates a steady increase of locally mea-
sured /, with mean normal stress o. Thus, skin bearing-
capacity Eq. 13 can be rewritten: 

(19) 

in which N8' represents a dimensionless skin bearing-
capacity factor that is apparently independent of K0. The 

Average shaft friction - KN/m2  
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Figure 15. Observed values of N, for bored piles in London 
clay (53). 

experimental data on N8' are still scarce because no load 
tests were interpreted in terms of Eq. 19. It is interesting 
to note, however, that test data on piles in clay given in 
Figures 14 and 15 define a single range for Na' between 
0.35 and 0.5 for both normally consolidated and over-
consolidated clays. 

DETERMINATION OF POINT AND SKIN RESISTANCES 
FROM FIELD TESTS 

The determination of point and skin resistances of piles by 
Eqs. 6 and 19 requires not only detailed knowledge of 
strength and deformation characteristics of soil strata in-
volved in transmitting pile loads but also knowledge of 
variation of density and water content within these strata. 
The cost of taking the necessary number of samples from 
the soil mass and performing the appropriate laboratory 
tests to determine soil characteristics needed for design is, 
however, often prohibitive and cannot be justified except in 
the case of very important structures in relatively uniform 
soil situations. In all other circumstances it may be pref-
erable to estimate the unit resistances q0  and fa  directly from 
field penetration or expansion tests, using devices such as a 
static ,or dynamic penetrometer or a pressuremeter. Most 
reliable among these is the static-cone-penetration test, per-
formed by means of a classical (Dutch) penetrometer or its 
modern equivalents (friction-sleeve or electric penetrometer). 

A detailed description of different types of static pene- 
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Figure 16. Observed values of N, for driven piles in stiff, overconsolidated clays. 
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Figure 17. 	Variation of skin resistance of piles in sand with 
relative density (39, 53). 

trometers can be found in Reference 55. They all are, in 
essence, small, 1.4-in. (35-mm)-diameter, jacked piles with 
a 60° cone at the tip. Extensive experience with these de-
vices, first introduced in Holland and Belgium and later 
used all over the world, shows that, with due consideration 
of scale effects, the cone point resistances (q) are equal 
to pile point resistances (q0) 

qq0 	 (20) 

The scale effects in static-penetration resistance are com-
plex but well understood (29, 56). A consistent method 
for accurate evaluation of resistance of a large pile on the 
basis of penetration curve of a small penetrometer has been 
developed by DeBeer (57). An example for such evalua-
tion, based on experience at Ogeechee River test site (39), 
is given in Figure 18. 

Experience with static penetrations shows also that, with 
exception of highly sensitive clays, shaft resistance of the 
friction-sleeve or electric penetrometer (fe)  equals that of 
the driven pile, whereas the average shaft friction of a 
classical Dutch cone can be as low as one-half of the fric-
tion of a driven pile. In view of uncertainties involved in 
field measurements of shaft friction, many engineers pre- 
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fer to estimate the shaft friction of piles from measured-
cone point resistances, using the relationship 

18 =pq0 	 (21) 

in which p is a dimensionless number, often expressed as 
a percentage, called the friction ratio. This number varies 
with soil type and mechanical characteristics, particularly 
çb and 1rr. For example, tests on driven piles in a variety of 
soils indicate the following approximate relationship with 
the angle of shearing resistance (çb) (expressed in terms of 
total stresses) (39) 

-,- 	p = (0.11)(10)-113tan 	 (22) 

Similarly, penetration tests in several sands at pressures as 
much as 70 psi (500 kPa) seem to suggest the following 
simple direct correlation with the rigidity index 'rr  (32) 

P =311,, (23) 

Considerably lower values (about one-third of these indi-
cated by Eqs. 22 or 23) can be expected in bored piles in 
dense sand. 

Although the existence of correlations such as Eqs. 22 
and 23 can be explained on the basis of theoretical expres-
sions for q0  and f, , they should be used with caution and 
preferably only after verification in any new condition. 

In spite of its great reliability, the static-cone-penetration 
test is not widely used in,  North America, partially because 
of difficulties in using such a test in soil profiles containing 
stiff soil strata or soft rock. The primary reason is that the 
standard penetration test, using a split sampling spoon, has 
a long-established reputation of allowing a safe, though 
crude and sometimes uneconomical, design. The standard 
penetration test measures the number of blows (N) needed 
to advance the standard spoon one foot (300 mm) by driv-
ing with a 140-lb (64-kg) hammer and a stroke of 30 in. 
(760 mm). Experience shows that the point resistance of 
driven piles, q0, in ton/ft2  can be related to N by the 
expression 

(24) 

in which N=N when N 15 and N= 15 + 1/2(N— 15) 
when N> 15. The coefficient.$ varies with soil type, stress 
level, and possibly some other factors. Values 8 = 2 for 
saturated clays and $ = 4 for sands have been suggested by 
Meyerhof (58). Later research (59-63) has shown that 
varies with soil characteristics and mean normal ground-
stress level. Still, with the exception of piles in loose fine 
sand, mentioned values probably represent safe minimum 
values for pile design. For soils of intermediate type, such 
as micaceous silt, values between 2 and 3 have been re-
ported (60, 64). Direct relationships between skin re-
sistance (/) and N have also been proposed. It is better, 
however, to use Eq. 21 with an estimated value of p. 

The standard penetration test is often criticized for its 
crudeness and imprecision. it is known that variations in 
test procedure and lack of attention of test operators in 
regulating the free fall of the hammer can produce sig-
nificantly different results in the same soil (62, 65, 223). 
In soft, compressible strata where soils may be liquefied by 
dynamic impulses, or in granular soils where particles may 

CONE AND PILE POINT RESISTANCE (kg/cm2) 

Figure 18. Evaluation of point resistance ofl8-in.  (450-mm)-
'diameter pile from results of static-penetration test (57). 

be crushed by impact of the spoon, the blow count is fre-
quently not indicative of actual bearing capacity and stiff-
ness of the soil under static loading (66, 67). In spite of 
the great popularity of this test in the United States for use 
in design, it is increasingly accepted today that the primary 
purpose of this test should be to correlate experiences of a 
single organization in familiar geotechnical profiles. The 
modern view is that it is necessary to have mechanical-
release mechanisms to regulate free fall of the test hammer 
in order to use the results of this test as a design tool (62, 
65). 

The pressuremeter test, which is also widely used in cer-
tain areas, measures the ultimate pressure (p,) needed to 
expand laterally a vertical cylindrical measuring cell inside 
a borehole. Considering the failure pattern that typically 
develops under the pile point (Fig. 7), it is not difficult to 
conceive that the pile point resistance (q0) should be 
related to p  by: 

q0 =Xp 	 (25) 

where X is a stress-transfer factor. Theoretical values of A 
can be obtained from Eq. 25 by taking q0  according to 
Eqs. 6 and 7 and assuming that p,, is equal to the ultimate 
pressure of a cylindrical cavity (36). The computations 
show that when 4 = 0 (undrained conditions), A should be 
approximately equal to 2. When c = 0 (cohesionless soils), 
A should increase with 4 and 'rr  as shown in Figure 19. 
These values are substantially in agreement with observa-
tions in the field. Corresponding values of the skin resist-
ance can best be found by using Eq. 21 with an estimated 
value of p. 

The primary advantage of the pressuremeter test lies in 
the clarity of stress conditions that it produces in the 
ground, which allows direct determination of stress-strain 



-- ----,- 
!iIII 

ANGLE OF SHEARING RESISTANCE # 

Figure 19. Transfer factor X = q0/p for cohesionless soils. 

Ô 5 10 15 20 25 30 35 40 45 

20 
18 
16 
14 
12 

10 
9 
8 
7 

22 

and strength characteristics of the soil in a manner not 
possible by any other field test. The primary disadvantage 
of performing the test on a disturbed soil is being elimi-
nated by the introduction of self-boring probes (68, 69), 
allowing the determination of lateral ground stresses, which 
are needed for complete geotechnical analysis of almost 
any problem. The relationship (25) for determination of 

pile capacity is less direct than that used with exploration 
by means of the static cone (Eq. 20). However, the scale 
effects are taken into consideration more directly because 
the soil zone stressed by a pressuremeter test is considerably 
larger than that stressed in a static-cone test. 

SUMMARY OF RECOMMENDATIONS FOR DESIGN 

In reasonably regular soil profiles, where strength and de-
formation characteristics of the bearing strata can be re-
liably determined, the ultimate point resistance of a pile 
can be computed from Eqs. 6 or 3 and the ultimate skin 
resistance from Eq. 13. For driven piles in normally con-
solidated clays, the bearing-capacity factor (Ne) can be 
found from Eq. 15. For bored or driven piles in over-
consolidated clays one can use as a guide Figure 16 or 
Eq. 11 with a = 0.45. For piles in sand, the skin resistance 
may be related to relative density using as a guide Figure 17. 
With good information on relative density one can also use 
Figure 11 or Table 3 as a guide for N*  in sand. 

In most real situations it may be preferable to determine 
pile point and skin resistances directly from field tests, such 
as the static (Dutch) cone test, standard penetration test, 
and the pressuremeter test. With due consideration of scale 
effects, the static cone measures the point and skin resist-
ances directly. The standard penetration blow count is re-
lated to pile point and skin resistances by empirical rela-
tionships such as Eq. 24. The pressuremeter limit pressure 
is related to pile point resistance by a semi-empirical 
relationship (Eq. 25). 

CHAPTER FOUR 

PILE-SOIL INTERACTION 

LOAD TRANSFER 

The use of Eq. 2 for analysis of the bearing capacity of a 
pile contains a tacit assumption that both the pile point and 
all points of the pile shaft have moved sufficiently with re-
spect to adjacent soil to develop simultaneously the ulti-
mate point and skin resistance of the pile. As mentioned 
earlier, the displacement needed to mobilize skin resistance 
is small, not exceeding 0.4 in. (10 mm), regardless of soil 
and pile type and pile dimensions. By contrast, the dis-
placement needed to mobilize point resistance may be rela-
tively large, particularly for very large piles, because it 
amounts to about 8 percent of pile-point diameter for 
driven piles and as much as 30 percent of pile-point di-
ameter for bored piles. Thus, even in the case of very rigid 
piles, where the pile-point displacement is not much less 

than the displacement of the pile head, the ultimate skin 
resistance is mobilized much sooner than the point resist-
ance, and the fraction of pile total load carried by the pile 
point is much less at working loads than at the ultimate 
load. This is illustrated in Figures 20 and 21, which show 
typical variation of load transfer between the pile shaft and 
pile point as the total load progresses to failure. Figure 20 
shows the mobilization of point and skin loads as a func-
tion of pile displacement, measured in a series of tests on 
30-in. (760-mm)-diameter bored piles in stiff clay (72). 
Figure 21, based on measurements in a series of load tests 
on 18-in. (460-mm) -diameter driven steel-pipe piles in 
dense sand (39), illustrates the fact that the percentage of 
load carried by pile point is much less at working loads 
than at failure, even in dense sand. 
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Figure 21. Relative magnitude of point loads at various stages 
of loading of closed-end pipe piles in dense sand (44). 

The picture of load transfer is more complicated in the 
case of relatively deformable piles, in which the displace-
ment of the pile head can be considerably greater than that 
of pile tip and in which the skin resistances in the upper 
portion of the pile can be mobilized much earlier than those 
in the lower portion of the pile. In such a case, a substan-
tial load can be carried exclusively by the pile shaft, par-
ticularly if the pile is relatively long; no load can obviously 
be transferred by the pile point without a relative displace-
ment between the point and adjacent soil. This is illustrated 
in Figure 22, which shows the load transfer from a small-
diameter steel-tube pile driven through highly compressible 
silt to rock. In the early stages of loading, the entire load 
was taken by the shaft; it took 40 kips (180 kN) of load 
in skin friction before the load finally reached the point. 
The same figure shows how, as the soft soil around the pile 
shaft compresses and creeps under newly applied stresses, 
downward movement of the soil with respect to the pile 
causes load redistribution. Thus, in just 18 hours of sus-
tamed load of 45 kips (200 kN) on the pile, 10 kips 
(44 kN) of load initially taken by the upper 20 ft (6 m) 
of the pile was transferred to lower, stiffer strata, some of 
it going all the way to the point. 

There is another load transfer phenomenon, discovered 
relatively recently, that is quite significant for understand-
ing of pile response to load, particularly in the case of rela-
tively deformable piles. When the head of a pile is un-
loaded, after being subjected to a compressive load, the 
pile shaft tends to return to its initial length. In doing so, 
the upper portion of the shaft normally moves sufficiently 
upward against the adjacent soil to develop negative skin 
friction, which is counterbalanced by residual skin fric-
tion in the lower portion of the shaft and also, if the ap- 
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Figure 22. Load transfer from a steel pile driven through com-
pressible silt to rock (73). 

plied compressive load was high enough, by residual point 
load on the pile (Fig. 6c). In the aforementioned case of 
bored piles in stiff clay (Fig. 20), a single loading to 140 
tons (1 200 kN), of which 50 tons (440 kN) were trans-
ferred to pile point, produced an unloading residual point 
load of more than 20 tons (180 kN). In another case 
reported in the literature, a tubular-steel pile 430 x 580 mm 
(17 x 23 in.) jacked 5 metres into stiff clay by a force of 
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(74). 

88 metric tons (780 kN) (Fig. 23) showed on unloading 
a residual point load of 22 metric tons (200 kN), only 
slightly less than the original point load. Because the im-
pact driving process consists of periodical loading and un-
loading of pile head by dynamic impulses, driven piles al-
ways contain substantial residual loads, the existence of 
which has an effect on load-settlement response of the pile. 
This was first evidenced quantitatively in field studies at the 
Arkansas River Project (75) where residual loads up to 
50 tons (45 metric tons) were recorded in 53-ft (16-rn)-
long steel pipe and H-piles. As shown in Figure 24, the 
existence of residual loads causes an apparent concentra-
tion of skin friction in the upper part of the shaft if the pile 
is loaded in compression. Such concentrations were re-
ported in one of the earliest studies on this subject but 
could not have been rationally explained before (see Fig. 25 
and Ref. 76). For piles loaded in tension after being 
loaded in compression or immediately after driving, the 
apparent load distribution shows a tensile load at pile tip 
equal in magnitude to the residual point load. 

( I ) Measured compression load distribution assuming no stress in pile at start of test. 
Measured compression load distribution after compression test assuming no stress in 
pile at start of test. 
Measured tension load distribution assuming no stress in pile at start of test. 
Measured tension load distribution after tension test assuming no stress in pile at 
start of test. 
Tension load distribution adjusted by subtracting Curve 4 from Curve 3. 
Compression load distribution adjusted by adding Curve 4 to and subtracting 
Curve 2 from Curve I. 
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Figure 24. Effect of residual loads on load distribution in driven piles in sand at Arkansas River (134). 
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NEGATIVE SKIN FRICTION 

The preceding discussions mainly concern load transfer be-
tween the pile and surrounding soil in normal situations 
where the soil movement with respect to the pile is caused 
by stresses transmitted by the pile itself. Of equal practical 
interest are the situations where the surrounding soil ex-
hibits a downward movement with respect to the pile shaft 
because of other surface loads or any other cause such as 
pumping of water from one of the aquifer strata in the 
profile, which produces an increase of effective stress and 
settlement of adjacent soil. In such situations, the soil 
exerts a negative friction (downdrag) against the pile shaft, 
which has to be taken by the pile as an additional axial 
force and transmitted to deeper strata. This can cause ex-
cessive settlements of the piles with severe damage or even 
collapse of the structure supported by the piles. In extreme 
cases, if the axial load in the pile exceeds the strength of the 
pile shaft, structural collapse of the shaft can occur and 
undermine the stability of the entire structure. Observa-
ions indicate that a relative movement of 0.6 in. (15 mm) 
of the soil with respect to the pile may be sufficient to 
mobilize full negative skin friction. 

Measurements of magnitude and distribution of negative 
skin friction performed in recent years show its dependence 
on the effective ground stress similar to that expressed by 
Eq. 13 for positive skin friction (77-79). For ordinary, 
uncoated piles the N8-values reported are equal to or 
slightly less than those for positive skin friction (53, 81). 
However, the negative skin friction develops only along the 
portion of the pile shaft where the soil settlement exceeds 
the downward displacement of the pile shaft. Below the 
"neutral point," where there is no relative movement be-
tween the pile and surrounding soil, friction remains posi-
tive and the load transmitted to pile point may be sig-
nificantly less than the maximum axial load in the pile. 
This is illustrated in Figure 26, taken from the very 
thorough study of Endo et al. (78). This figure shows 
the measured development of axial force in a 24-in. (610 
mm)-diameter steel-pipe pile driven into a 140 ft (43 m) 
deep deposit of silt, which settles around 6 in. (150 mm) 
per year because of pumping of groundwater from the 
underlying sand stratum. It also shows the measured de-
velopment of axial load in four such pipes tested on this 
site, one of which was open-ended. There is clearly a 
neutral point in all four piles at approximately 75 percent 
of pile length. A similar position is found in at least two 
other recent investigations of a similar nature (79, 82). 
However, other investigations (83, 84). show that the 
neutral point can be located higher or lower. Its position 
coincides with the point of no relative movement between 
the pile and the adjacent soil (78). It is influenced by 
factors such as relative compressibility of the pile shaft and 
underlying soil with respect to surrounding soil, relative 
magnitude of axial load in the pile with respect to the 
effective stress change that causes settlement of surround-
ing soil, as well as the position of the most compressible 
stratum in the over-all soil profile (83, 85). 

Negative skin friction can become particularly damaging 
in the case of foundations supported by battered piles. Al-
though detailed measurements of developed axial forces in 
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Figure 25. Measured distributions of skin resistance (76). 

such cases are scarce, there are many documented records 
of serious damage to the foundations. Apparently the 
negative friction force against the outer side of battered 
piles is considerably larger than that against a vertical pile 
in a similar situation. At the same time the movement of 
the soil away from the piles on their inner side causes an 
imbalance of lateral forces and may induce substantial pile 
bending for which the piles have normally not been de-
signed. Thus, battered piles should be avoided in all cases 
where significant negative friction is exnected to develoo. 

Should the negative skin friction be excessive (normally 
if it exceeds the magnitude of live load to be supported by 
piles) it may require extra piles just to carry the parasite 
downdrag loads and, thus, may have a detrimental effect on 
the economy of the project. Consequently, there is great 
interest in practical methods of reducing the negative skin 
friction. This can be done by installing a casing around the 
pile shaft to prevent direct contact with the settling soil. 
Alternatively, the pile can be placed in a pre-drilled hole 
of larger diameter than the pile shaft, filling the gap with 
bentonite slurry, which, in view of its low friction charac-
teristics, limits the negative friction to a relatively low 
value. One of the newest and most effective friction-
reducing methods consists of applying on the pile shaft a 
slip layer of bitumen of appropriate consistency. Expe-
rience shows that it is possible in this way to reduce down-
drag to as little as 10 percent of the magnitude to be ex-
pected for uncoated piles in the same soil (82, 86-88). 
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Figure 26. Axial load developed by negative skin friction in open-end and closed-end pipes in silt, ending in dense sand (78). 

This method is gaining in popularity, although it can not 
be used effectively if the pile has to penetrate a rigid 
stratum, which can damage the bitumen coating. 

In summary, negative skin friction can be expected above 
the point of the pile where the relative downward displace-
ment of the soil with respect to the pile exceeds 0.6 in. 
(15 mm). As indicated by Eq. 13, the intensity of the 
downdrag is proportional to effective vertical ground stress. 
The skin resistance factor (N8) for ordinary, uncoated fills 
in soft compressible strata of clay and silt falls in the 0.15-
to-0.30 range, generally increasing with 4.' and over-all soil 
stiffness. With the use of suitable coating, such as bitumen 
or bentonite, the N8-values can be reduced to the 0.01-to-
0.05 range. In loose sand, N8  is substantially greater, vary-
ing generally between 0.30 and 0.80. Still greater values 
can be expected in dense sands and stiff clays. Group 
action should be considered as in the case of positive skin 
friction. As long as the downdrag force is less than the 
live load, its negative effect on pile foundation prmance 
is minimal. 

ANALYSIS OF LOAD TRANSFER 

The preceding examples are given to illustrate the fact that 
the mechanics of load transfer between the pile and the 
adjacent soil represent a relatively complex phenomenon 
affected by stress-strain-time and failure characteristics of 
all elements of the pile-soil system, including peculiarities 
stemming from the procedures used in placing the pile in 
the particular location in the ground. Some parameters 
affecting this load transfer are often difficult, if not im-
possible, to express in numerical terms. Yet numerical 
assessment of load transfer characteristics of a pile-soil 
system is essential for settlement computations and for ra-
tional design of pile foundations. The following presents 

the essential elements of analytical approaches currently 
used for that purpose. 

Consider the case of a single pile of diameter B placed 
in soil to depth D and loaded by a central, vertical load Q 

(Fig. 5). The simplest way to obtain an idea about the 
load transfer along the pile is to install strain-gage bridges 
at different depths (z)  along the pile axis. If the measured 
axial force in the pile is plotted against depth z (Fig. 27) 
the function Q (z) indicates the load transfer along the 
pile shaft. The ordinate of this curve at z = D represents 
the pile point load (Q1 ), whereas the difference Q - Q = 

Q8 represents the pile skin load. The slope of the function 
Q (z) divided by pile perimeter length P yields the distribu-
tion of skin resistance (fe) along the shaft 

1 dQ 
(26) 

Note that Jo remains positive (as shown in Fig. 27) as long 
as Q (z) decreases with depth z. A few examples show-
ing the shape of curves Q (z) and  f (z) for some simple 
distributions of skin resistance are shown in Figure 28. Ex-
ample E in this figure represents the case of negative skin 
resistance. 

From the experimentally established curve Q (z) it is 
also possible to find the vertical displacement (w) of any 
pile section at a depth (z)  below the ground surface, pro-
vided the cross-sectional area (A) and the modulus of 
deformation (Er) of the pile shaft are known and the 
vertical displacement of pile top (w0 ) is measured during 
the loading test. Assuming that both A and E are con-
stant along the shaft and using known strength-of-materials 
formulae, it can be shown that 

1 
Q(z)dz 	 (27) 
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Figure 28. Typical simple distributions of skin resistance. 
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Figure 27. Load transfer  from a single pile. 

Another way to determine the displacements of different 
points along the pile is to use the so-called strain rods. 
These are simple steel rods, attached to different points of 
the pile, extending all the way to the ground surface where 
their movements can be observed by dial gages and level-
ing instruments. If the measured displacements are plotted 
versus depth as a function w(z), it follows from Eq. 27 that 

	

Q(z) =AEdwidz 	 (28) 

The distribution of skin resistance f can then be found by 
using Eq. 26. All analytical methods proposed for analysis 
of load transfer use, in essence, one of two possible ap-
proaches to this problem, either the transfer-function ap-
proach or the elastic-solid approach. 

In the transfer-function approach, illustrated in Figure 
29b, the pile is divided into n elements, which are con-
sidered as compressible short columns of length LW = Din, 
acted upon by axial forces (Qj  and skin resistances (ft). 
The skin resistances can be computed if the axial forces are 
known from simple relationships of statics: 

Qi - 	- EQ 
T&15 	

(29) 
PED P  

The relative vertical displacements of centroids of the ele-
ments can also be computed as follows from simple rela-
tionships of the strength of materials, provided the cross-
sectional area (A) and the modulus of deformation (Er) 
of the pile shaft are known. 

Q. LW 
EA 	

(30) 

With two analogous expressions containing the displace-
ments of the pile top (w0) and pile point (wa), there are 
n + 1 expressions of this kind for n + 2 unknown displace-
ments. Thus, if the axial forces are known, all displace-
ments (w) can be computed, provided one of them is 
known or assumed. 

The forces (Q) are computed from the so-called trans- 
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fer function, which is an empirical or analytical relation-
ship of the form: 

(31) 

Some transfer functions are given in Table 4, which lists 
the principal methods of analysis based on this approach. 

The transfer function provides a unique relationship be-
tween the load transferred from an element and the dis-
placement of that element. It contains also a hidden as-
sumption that the displacements along any element are not 
affected by skin loads (iQ) transferred by other elements, 
except through the pile itself. In other terms, the soil sur-
rounding the pile is replaced by a set of nonlinear springs, 
supporting the pile at mid-points of each element and en-
tirely independent of each other. Because any loads (Q) 
transmitted to the soil must affect the points below, as well 
as the points above to some distance from the considered 
element, the concept of a unique transfer function is in 
obvious contradiction with reality. 

In an attempt to circumvent this inconsistency, the 

Figure 29. Load-transfer analysis: (a) elastic-solid approach 
and (b) transfer-function approach. 

elastic-solid approach (Fig. 29a) considers the effects of 
transmitted shaft loads (SQ) on the points above and be-
low. It also allows the possibility that the displacement of 
pile element ( 1)W) may be different from the displacement 
of the adjacent soil (,w). Fundamental to this approach 
is the assumption that the soil transmits loads (SQ) as a 
homogeneous, elastic, isotropic (Hookean) solid defined by 
two deformation characteristics: namely, modulus of de-
formation (Es) and Poissons' ratio 

With this assumption, the transfer-function relationship 
(Eq. 31) is replaced by n equations of the form 

swi =TJIjjfj  + lipqp 	 (32) 

plus one equation of the form 

B' 
W P 	 + 11)1)q fl 	 (33) 

83=1 

In these equations, B represents the pile diameter and 4, 
are influence factors for settlement of elements i caused by 
forces AQj. These factors are evaluated by using the 
Mindlin solution for stresses and displacements in a semi-
infinite solid under the action of point loads in the interior 
of the solid (113). 

In addition to Eqs. 32 and 33, assuming that there is no 
slip between the pile and the soil ( 8w = 	there are 
n equations of the form 

pWj j  - pwi  = Q iD/EA 	 (34) 

Should slip occur, the equations (Eq. 34) are replaced by 

EQ5 =f 8PD 	 (35) 

in which 4 is the maximum skin resistance for the con-
sidered point. In any event there are 2n + 1 equations for 
n unknown forces (Q) and n + 1 unknown displacements 
(w). In most recent research, these are written in the 
matrix form and evaluated by means of a digital computer. 
Different methods proposed in the literature, all using this 
approach, are listed in Table 5. 

The elastic-solid approach is, in principle, usable for 

TABLE 4 

METHODS OF LOAD TRANSFER ANALYSIS BY TRANSFER FUNCTION 
APPROACH 

Author(s) Transfer function 

Seed & Reese (1955) experimental 

Kezdi (1957) f = K0yztan4 {l - exp [_kw/(w  
Reese (1964) experimental 

Coyle & Reese (1966) experimental 

Reese et al (1969) f = K { 	27 	
- w/w0 J 

Holloway et al (1975) f = Ky(o/p) w 11 - (R/otan6J2 
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TABLE 5 

METHOD OF LOAD TRANSFER ANALYSIS BY ELASTIC SOLID APPROACH 

Author(s) Characteristics of the method 

D'Appolonia 6 Romualdi (1963) wp  = 0, special case, no slip, 

E5  = const. 

Thurman C D'Appolonia (1965) special case, E5 = const. 

Salas C Belzunce (1965) E= 	, E 	= const., no slip 

Pichumani 6 D'Appolonia (1967) groups, special case, E5 	const. 
Poulos C Davis 	(1968) , general case, E5 	const. 
Poulos 	(1968) groups (E= 	), general case, 

const. 
Mattes C Poulos 	(1969) general case, E5  = const. 
Poulos C Mattes (1969) WP  = 0, general case, E5 = const. 
Poulos 6 Mattes (1971) groups, general case, E5  = const. 
PoulosC Mattes 	(1971,1974) groups, general case, layered soil 

analysis of negative friction as well. Some of the methods 
listed in Table 5 (Salas and Belzunce, 96; and Poulos and 
Davis, 98) include considerations of this kind of problem 
of load transfer. A number of attempts along similar lines 
have been undertaken in recent years (105, 106, 112) with 
limited success, however. An alternate method of De Beer-
Zeevaert (107, 108), using some concepts of silo-analysis, 
has often produced more reliable estimates of maximum 
pile loads in this situation. 

The elastic-solid approach offers the advantage of con-
sidering the adjacent soil as a continuum, defined by ma-
terial characteristics of definite physical meaning. How-
ever, the approach still possesses a number of serious 
shortcomings. 

The assumption that the soil response to loading can be 
adequately described with only two deformation character- 
istics (E0  and 	may be oversimplifying to a greater de- 
gree than in a comparable situation involving shallow 
foundations. Most soils show stress-, stress-history-, and 
time-dependent response to loading. Typically, a mass of 
cohesionless sand will have E-values increasing with the 
square root of mean normal stress and different in loading 
from those in unloading. The pile behavior in such a mass 
is greatly affected by the possible prestress in lateral direc-
tion caused by pile driving. 

In addition, the elastic-solid approach assumes the same 
E in tension as in compression, whereas most soils can 
take little stress, if any, in tension. It should be remem-
bered that the load transfer according to Mindlin's solu-
tion induces sometimes significant tensile stresses beyond 
the point of load application. Unless these tensile stresses 
are compensated by compressive stresses coming from loads 
applied above the considered point, they are not trans-
mitted by the soil and the stress distribution can be con- 

siderably different from that assumed by the blind use of 
Mindlin's solution. This is illustrated in Figure 30, which 
shows the distribution of vertical stresses (o) due to the 
pile point load (Q1,) (on the right) as well as due to skin 
load (Q,), assumed to be uniformly distributed along the 
pile shaft (on the left) (109). A study of the charts in this 
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Figure 30. Distribution of vertical stresses around a pile in elas-
tic solid (109). 
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Figure 31. Finite-element analysis of load transfer (110). 

figure reveals that, to avoid an extensive tension zone above 
the pile point, the skin load (Q) must be at least twice as 
large as the point load (Q11). An examination of available 
load-transfer data shows that this condition can more easily 
be satisfied in cohesive than in cohesionless soils. 

The known methods of load-transfer analysis using the 
elastic-solid approach all make a tacit assumption that the 
presence of piles in the soil does not affect the stress dis-
tribution in the soil mass. In other terms the stress dis-
tribution assumed is that of an ideal homogeneous soil mass 
without piles. The "reinforcing" effect of piles in a verti-
cal direction has been only partially explored. 

It appears that many of the aforementioned shortcom-
ings of the elastic-solid approach can be overcome, at least 
in principle by the use of finite-element analysis. For ex-
ample Ellison (110) formulated and programmed for the 
computer a general analysis of load transfer for an arbi-
trary pile in a soil mass, the stress-strain response of which 
is bilinear and stress dependent. The general scheme of 
the model used, containing 377 elements, is shown in Figure 
31. Holloway et al. (93) introduced a similar analysis with 
nonlinear (hyperbolic) stress-dependent stress-strain re-
sponse, using different characteristics in compression and 
tension (Fig. 32). This allows a complete analysis of pile 
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Figure 32. Deformation models used in load-transfer analysis 
(93). 

response to load-unload cycles in both compression and 
tension. Some typical results of this analysis are shown in 
Figure 33. Analyses of this kind allow the introduction of 
stress and displacement conditions imposed by the method 
of pile placing and consider the fact that the pile presence 
in the soil mass affects the stress distribution. In addition, 
the finite-element method by its nature allows the intro-
duction of arbitrary inhomogeneities in the soil mass, such 
as layers and lenses of different characteristics. The results 
obtained so far appear quite encouraging. 
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SETTLEMENT ANALYSIS 

The settlement analysis of pile foundations bears some 
similarity to the settlement analysis of shallow foundations, 
in that both are based on the same principles. There are, 
however, some distinct differences. These come, in part, 
from previously discussed disturbances of the adjacent soil 
and changes in its state of stress caused by the operation 
of pile placement in the ground. Because of these dis-
türbances, the soil surrounding a pile, even if it was ini-
tially homogeneous, can exhibit sharp variations of stiff-
ness in both vertical and horizontal directions at least in 
the highly stressed zones around the pile. If the pile is 
driven, it can retain large residual stresses which, in turn, 
significantly influence the pile response to load and its load-
settlement characteristics. The exact position of load trans-
fer from the pile to the soil is unknown and usually varies 
with load intensity. As in the case of the. parent bearing-
capacity problem, the situation is further complicated by 
the effects of placing of adjacent piles and possible group 
action, making the rational formulation of this problem 
extremely difficult. Thus, at the present state of knowl- 

edge, only approximate solutions of this problem are avail-
able and their limitations must be kept in mind in all 
applications. 

For design purposes, it is convenient to separate the pile-
head settlement (w0 ) into its three components: 

settlement due to axial deformation of the pile shaft 

(we), 
settlement of pile point caused by load transmitted 

at the point (w 0 ), and 
settlement of pile point caused by load transmitted 

along the pile shaft (w1)0). 

Thus, it can be written that, in general 

W 0 W,,+W1,1,+W 0 	 (36) 

in which the three components are determined separately 
(29, 39). 

The settlement due to the deformation of the pile shaft 
(w8 ) can be determined easily if the magnitude and dis-
tribution of the skin friction is known or assumed. The 
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well-known strength-of-materials formula for axial defor-
mation of a bar yields in this case 

wS = (Q1, + Q) L- 	 (37) 
A E1, 

in which Qi, and Q. represent, respectivel', the actual point 
and skin loads transmitted by the pile in the working stress 
range; L is the length; A, cross-sectional area; and E1), 
modulus of elasticity of the foundation shaft. The co-
efficient a5  is a number that depends on distribution of skin 
friction along the pile shaft. For uniform and parabolic 
distributions (Figs. 28A and 28D), a, = 0.5, whereas for 
two extreme cases of linear distribution (Figs. 28B and 
28C), a can be as much as 0.67 (Fig. 28B) and as little 
as 0.33 (Fig. 28C). Lesser values are observed in driven 
piles because of residual stresses. A typical value for hard-
driven slender piles in sand, corresponding to distribution 
shown for peak load in Figure 25b, may be around 0.1. 
Lesser values are also observed in the case of long friction 
piles where, under working loads, only a fraction of shaft 
length effectively transmits the loads (see Figs. 22 and 
25b). 

The components of settlement of the pile point (w1)1)  and 
w15) can, in principle, be found by assuming that the soil 
surrounding the pile behaves as an elastic, isotropic 
(Hookean) solid, defined by a modulus of deformation 
(E5) and a Poisson's ratio (v5). Computations of this kind 
lead to solutions that can be presented in the following 
form: 

11)1) 	 (38) w1,1, 	
E58 

wils 

	

= -••; 
JB

--• 	
(39) 

in which q1, represents the net (excess) pressure on the pile 
point; 	the average unit shear transmitted across the pile 
shaft. Both are in stress units. E*5 = E5/ (1 - u52) is the 
plane-strain modulus of deformation of the soil underlying 
the pile point. J,,,  and Jp.  are dimensionless influence fac-
tors, analogous to settlement factors of shallow founda-
tions, which are often computed by integration of Mindlin 
solution for displacement in a solid loaded by point load in 
its interior (2, 113). In spite of known limitations of that 
approach, discussed briefly in the preceding section, such 
computations can give reasonable answers, at least for 
The 11,1)-values so obtained are normally too low (114). 

To find reasonably realistic values of these influence fac-
tors it is necessary to consider the pile as a rigid or elastic 
body within the soil mass. A finite-element analysis of this 
problem (63) gives for v = 0.25 and DIB> 5 a 11)1)-value 

of 0.54. The corresponding Jr,,,  values can be approximated 
in the range 0> DIB> 50 by the expression 

Ips = 2 + 0.35VDIB 	 (40) 

A consistent theory of prediction of settlements of piles 
that considers piles as compressible columns in an elastic 
soil mass and makes a systematic use of the Mindlin solu- 

tion has been proposed by Poulos (115). This theory as-
sumes that the distribution of load between the pile shaft 
and pile point is governed by the elastic properties of the 
pile and the soil and disregards the existence of residual 
stresses in the pile. In view of its assumptions, this theory 
is potentially applicable to bored piles in clay. 

In order to use Eqs. 38 and 39 or the Poulos theory, it 
is necessary to determine the modulus of deformation (E5). 
With known limitations this can be, in principle, done by 
triaxial or consolidation tests in the laboratory, knowing 
that the compression modulus from the consolidation test 

= 1/mi  is related to E5  and ES:)  by: 

v(iv) M 
	 (41) 

In the absence of other data it may be assumed that v5  = 

0.3. However, in view of the fact that most soil moduli are 
stress-level and stress-path dependent and that placement 
of driven piles causes substantial changes in structure and 
state of stress of the soil mass, the successful selection of 
a representative E5-value for this kind of computation in-
volves a strong element of art. Also, as mentioned earlier 
in bearing-capacity discussions, the cost of taking and test-
ing the necessary number of samples to make such an 
analysis meaningful is often prohibitive. For these and 
other reasons it is normally preferred to determine defor-
mation moduli from empirical relationships based on field 
penetration or expansion tests. Examples of such correla-
tions can be found for example, in References 39 and 55. 

On the basis of Eqs. 38 and 39 and available empirical 
correlations between E5  and the ultimate point resistance 
(q0) for a number of construction sites, the following 
general expressions can be proposed (39, 63): 

2j)  (42) 
B q0  

C 
W1,5 	

5Q5
- 	 (43) 

in which Q1  denotes the net point load and Q5 the shaft 
load of the pile (both in force units), mobilized under 
working conditions of the pile. C1, and C  are empirical 
coefficients that depend on soil type and the method of 
construction of the pile. Some typical values of C are 
given in Table 6. C., is related to C1, by the expression 

= (0.93 + 0.16VDIB) C1, 	 (44) 

it should be emphasized that q0  in Eqs. 42 and 43 repre-
sents the ultimate point resistance of the particular pile for 
which the settlement analysis is made. As explained earlier 
in bearing-capacity discussions, this quantity is not neces-
sarily the same for different foundation types in the same 
soil and is often affected by the foundation size. In this 
way, the scale effects other than those explicit in Eqs. 42 
and 43 are introduced, making the coefficients C and C. 
practically independent of pile dimensions. 

The values of coefficients C, given in Table 6 give total, 
long-term settlements of the pile in conditions where the 
bearing stratum under the pile tip extends at least 10 pile 
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TABLE 6 

TYPICAL VALUES OF COEFFICIENT C,, 

Soil type Driven piles Bored piles 

sand (dense to loose) 0.02 to 0.04 0.09 to 0.18 

clay (stiff to soft) 0.02 to 0.03 0.03 	to 	0.06 

silt 	(dense to loose) 0.03 to 0.05 0.09 	to 0.12 

diameters below its point and where the soil below is of 
comparable or higher stiffness. These values are slightly 
lower if a firm stratum (rock) exists nearer to the pile 
point. ' As established both by full-scale sustained load 
tests (96) and by theoretical analysis (78), a predominant 

* It can be shown that the reduction in settlement depends on the ratio 
of depth of compressible stratum (z)  under pile tip to pile diameter (B). 
If this ratio drops to 5, the settlement is 88 percent of value obtained by 
Eq. 42. When the ratio drops to 1, the settlement is still about 51 percent 
of that value. 

portion of these settlements in the working load range are 
immediate in nature. Unless a highly compressible stratum 
of low permeability exists somewhere below the pile tips, 
the consolidation settlement should not be significant and 
normally does not exceed 15 percent of the total settlement. 
However, should such a compressible layer be present in 
the zone influenced by the pile-transmitted load, a con-
solidation-settlement analysis similar to that conventionally 
performed for shallow footings is needed. 

CHAPTER SIX 

PILE GROUPS 

The previous chapters of this synthesis refer primarily to 
bearing capacity or settlement of an individual pile. How-
ever, pile foundations are normally constructed as groups 
of closely spaced piles joined together by a cap, a cross-
beam, or a truss-like frame (Fig. 34). The cap is usually 
a reinforced concrete block that must be properly designed 
to distribute loads equally (as much as possible) among 
individual piles. The crossbeam performs a similar func-
tion without contact with the soil and as a part of a struc-
tural frame that includes the piles as columns protruding 
from the soil. The truss-like frame, usually made of steel 
members with piles as columns, is designed to assure joint 
action of all piles in the group under lateral loads. 

The spacing of piles is determined from considerations 
of stability and economy, combined with a number of prac-
tical considerations. Ideally, piles should be spaced so that 
the bearing capacity of the group is not less than the sum 
of the bearing capacities of individual piles. This could be 
translated into a requirement that the outer perimeter of 
the group (shown by dashed line in Fig. 34) should be 
greater than or equal to the sum of the perimeters of 
individual piles. A simple computation shows that this 
requirement is satisfied if the relative spacing of the piles 

(s/B) is greater than Vn+ 1 for square piles and 0.785 

(Vn + 1) for circular piles, in which n is the number of 

piles in the group. However, for groups containing more 
than nine piles, this may lead to spacings of more than four 
pile diameters, which is normally avoided as uneconomical. 
On the other hand, in order to reduce the extent of soil 
disturbance and provide an allowance for errors in posi-
tion and alignment of piles, the lower limit of spacing must 
be kept at 2.5 pile diameters. The optimum spacing is 
usually selected in the range of 3 to 3.5 d. 

Once the problem of pile spacing is settled, the principal 
questions faced in the design of pile groups remains the 
same as those for individual foundations, namely: what is 
the ultimate load of the group () and how can the settle-
ment of the group (P) under a working load () be pre-
dicted. It is well known that the ultimate load of the group 
is generally different from the sum of ultimate loads of 
individual piles Q0. The factor, 

Q. (45) 

called group efficiency, depends on parameters such as soil 
type, size and shape of the group, spacing and relative 
length of piles, as well as the construction procedures. It 
is also known that the settlement of the group () is nor-
mally greater than the settlement of a single pile at com-
parable working load. In general 
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Figure 35. Observed efficiencies of square pile groups in sand. 

in which g  is the group settlement factor. This factor also 
depends on a number of parameters including soil type and 
over-all soil profile, size and shape of the group, and the 
method of construction. 

There is, at present, no acceptable rational theory of 
bearing capacity of pile groups. A number of empirical 
"efficiency formulae," such as the Feld or Converse-Labarre 
rule, have been proposed and used in the past. A compre-
hensive review of these formulae, all of which give effi-
ciencies less than unity, can be found in Reference 19. (See 
also Ref. 117.) 

Terzaghi and Peck (118) suggested that the bearing 
capacity of a pile group can not be greater than that of a 
block foundation defined by the exterior perimeter of the 
group. This idea was generalized into a suggestion that the 
bearing capacity of any pile group could be computed by 
adding the skin resistance along the outer perimeter of the 
group and the resistance of an imaginary base defined by 
that perimeter (117, 119). In this manner, efficiencies 
greater than unity are obtained for groups in sand. 

The well-documented information on actual bearing ca-
pacities of full-size pile groups is extremely scarce. There 
are known to be only five reported full-scale tests with pile 
groups in clay (76, 120, 135, 136, 222); all indicate effi-
ciencies of approximately unity. Only six investigations 
with full-size piles in sand can be found in the literature 
(12 1-125, 227). As shown in Figure 35, they all indicate 
efficiencies greater than unity. Model studies using small 
[0.5 to 1.5-in. (12 to 38-mm)]-diameter piles in dense and 
loose sand show a similar trend (126), whereas tests with 
small-scale-model piles in clay (127-129) indicate efficien-
cies somewhat less than unity. However, the value of 
quantitative information from small-scale-model tests re-
mains questionable (124). Summarizing all available data, 
the following basic findings relative to group bearing ca- 
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pacity appear to be valid, at least as long as pile spacings 
exceed 2.5 pile diameters: 

The ultimate point load of a pile group can be taken 
to be equal to the sum of the ultimate point loads of 
individual piles. 

The ultimate shaft load of a group of piles in cohesive 
soil can not be greater than the sum of the ultimate shaft 
loads of individual piles multiplied by the ratio of the outer 
perimeter of the group (dashed line in Fig. 34) to the sum 
of the perimeters of individual piles. However, in compar-
ing shaft loads of piles and pile groups in cohesive soils, it 
is important to keep in mind that the dissipation of pore 
pressures set by pile driving is slower for groups than for 
individual piles (cf. Fig. 13). 

The ultimate shaft load of a group of piles in cohesion-
less soil may be greater than the sum of individual shaft 
loads. This is explained by increased compaction and lat-
eral compression caused by driving a greater number of 
piles within a relatively small area. The sequence of driv-
ing is important in this regard, and there is experimental 
proof that later driven piles have a higher capacity than 
those driven earlier (Fig. 36). If the design is not con-
trolled by settlement considerations, it may be possible to 
take advantage of this increase in group capacity at least 
for piles totally embedded in loose sand. However, in view 
of scarce information on this subject, group load tests are 
highly recommended in the latter case. 

Pile caps contribute to the over-all bearing capacity of 
the group to the extent that they are supported by compe-
tent soil outside the outer perimeter of the group (124). 
However, in view of the potential danger of erosion or loss 
of support by settlement of the soil surrounding the piles, 
the use of this increased capacity in design is discouraged. 

The allowable design load for larger groups is often de-
termined from settlement considerations. Although knowl-
edge of the general mechanism of load transfer in pile 
groups has increased considerably over the last several 
years, it is still not easy to explain all observations and  

provide a theory of group settlement that can be recom-
mended without reservations. Empirical or semiempirical 
expressions for 	proposed in the literature for pile groups 
in sand (130, 131, 134), obviously have a limited value 
and can yield unrealistic results if applied in conditions 
quite different from those existing in tests on which they 
were based (132, 133). The simplest of these expressions 
(124) suggests that the group settlement factor should be 
found from 

Cg=  VB 
(47) 

in which 9 is the width of the pile group and B, as before, 
the diameter of the individual pile. The following points 
should be kept in mind if expressions of this kind are to 
be used in design: 

Driving or jacking adjacent piles reduces the residual 
load in the previously driven piles. With the resulting 
change in distribution of skin friction, the coefficient a,, 
from Eq. 37 may increase as much as five times for large 
groups. In spite of this, there is only a minimal group effect 
on that part of settlement coming from elastic deformation 
of the pile shaft if the pile is predominantly point bearing. 
There is no such effect when dealing with bored piles. 

The group settlement effect is generally greater in pre-
dominantly shaft-bearing (friction) piles. Because Eq. 46 
is based on tests with piles penetrating 15 diameters in 
a uniform sand mass, it may overestimate the group effect 
for piles penetrating less than 15B into the bearing stratum 
and, conversely, may underestimate the group effect in long, 
slender piles. 

Considering all circumstances, equations for settlement 
factor (such as Eq. 47) represent gross approximations and 
should be used with greater caution. A consistent theo-
retical approach for determining Cg can be found in the 
work of Poulos (99, 102). However, in view of the short-
comings of basic assumptions of this approach, mentioned 

ALL PILES ø' 30 cm, 6.00 in LONG 

Figure 36. Effect of driving sequence on efficiency of piles in loose sand (125). 
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earlier in discussing load transfer and settlement analysis of 
a single pile, the information from this work remains some-
what questionable. 

Knowledge about a variety of factors affecting bearing 
capacity and settlement of pile groups remains limited. 

A considerable amount of research, including well-instru-
mented observations on full-size pile groups is needed for 
safer and more economical design in the future. In the 
meantime, this aspect of pile foundation design continues 
to contain a substantial element of art. 

CHAPTER SEVEN 

LATERAL LOADING 

SINGLE PILE UNDER LATERAL LOADS 

In addition to axial loads, piles are often expected to trans-
mit lateral loads into the ground. In so doing, they are sub-
jected to bending moments and shearing forces that need 
to be evaluated in order to assess the safety against struc-
tural failure of the pile. At the same time, lateral deflec-
tions and slopes of the pile axis are, needed for determina-
tion of lateral displacement and tilt of the supported 
structure. 

The basic problem of a pile under the action of lateral 
loads can be formulated as follows (Fig. 37). A single, 
vertical pile of diameter B and structural stiffness EI, is 
placed to depth D in a soil mass of known characteristics. 
At the ground level, the pile is acted upon by a transverse 
load (P) and a moment (M). To be determined are the 
lateral deflection (u) and the slope of the pile axis (0) at 
the ground level, as well as the position and magnitude of 
maximum bending moment in the pile. 

Because pile diameter is usually small compared to pile 
length, the statical influences along the pile can be deter-
mined by considering the pile as a beam and using the well-
known differential equation of bending: 

d4u 

	

E 111-- —p(z) 	 (48) 

in which p(z) represents the reactive lateral pressure of the 
soil against the pile, expressed in force-per-length units 
such as lb/in, or kN/m. The complex distribution of this 
pressure (pa)  to deflection (u) at any point of the pile, 
stress-strain characteristics of the adjacent soil are known 
or assumed. 

Relatively simple solutions of this problem can be ob-
tained by introducing an assumption similar to that used in 
theory of beams and slabs resting on soil that the ratio of 
pressure (p. to deflection (u) at any point of the pile, 
called soil reaction modulus, is known. For example, 

	

K 1, = const. 	 (49) 
U 

The assumption of constant modulus (K,), called Winkler's 
hypothesis, leads to closed-form solutions of differential 

Eq. 48 that are well known in the literature (137) and that 
can easily be adapted to the considered problem. However, 
observations on laterally loaded piles indicate that it is more 
plausible, at least for free-standing, uncapped piles, to as-
sume a modulus (K 11 ) linearly increasing with depth ac-
cording to 

(50) 

in which nh  represents an empirical quantity called co-
efficient of soil reaction. 

+X 4 +P hI+w 

EI 

Figure 37. Single pile under the action of lateral loads. 
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The resulting differential equation has a solution in the 
form of an infinite series (138); however, it also can be 
easily integrated by using the method of finite differences 
(139). Computations of this kind (140, 141) show that, 
for a sufficiently long pile, the deflection (u) and the slope 
(0) at the ground line (z = 0) can be obtained from: 

2.43 
P  u=— ----E M 

1.62 
 

0 	nbT2 

1.62 
0=----P+--M 

1.75 
 

in which T represents the characteristic length of the pile-
soil system defined by: 

T=/-2 	 (53) 
nil  

The maximum bending moment in the pile can be found 
with an error less than 4 percent from the approximate 
expression (142) : 

Mmax  = 0.80 (M + PT) 	(54) 

which is valid as long as MIPT is algebraically greater than. 
-0.47. The location of this maximum moment varies with 
the ratio MIPT; for MIPT equal to or greater than unity, 
it is approximately at depth T below ground line increas-
ing to 1.6T for MIPT =-0.47. For MIPT less than 
—0.47, the critical bending moment is at ground line, nega-
tive in sign, and equal to M. It should be noted that M 
and P in Eq. 54 have to be introduced with proper sign 
convention as shown in Figure 37. 

The preceding analysis is sufficiently accurate as long as 
the pile length exceeds four characteristic lengths T defined 
by Eq. 53. For short, semi-rigid pii,  the deflection and 
slope coefficients, as well as the maximum moments, can 
be found from appropriate graphs and tables. (See Refs. 
140 and 141.) For very rigid piles having lengths shorter 
than two characteristic lengths T, the deflections and slopes 
at the ground line can be computed from expressions (140):  

and stiffness can be important for proper interpretation of 
lateral load tests. Large seasonal variations of lateral stiff-
ness of piles should be expected in many situations. 

The coefficient of subrade reaction (n,.) annearine in 
the previously described theory of lateral bending of piles 
can best be obtained from measured deflections and slopes 
IiTj lateral-load test. Terzaghi (144) found that n1, in 

is should be directly related to the rate of increase of 
ëibtirden stress with depth or to the effective unit weight 

of the sand, y. He suggested that n1, could be determined 
from: 

	

nh— NhY 	 (57) 

in which Nh  is a dimensionless constant which, for 1-ft 
(0.3-m)-wide piles in sand, increases from 75 for very 
loose to 1,500 for very dense sand. Subsequent detailed 
observations on instrumented piles (145-151) have shown 
that these values are usually conservative. However, the 
same observations also show that nh  or Nb  are not con-
stants but that they generally vary with the lateral deflec-
tion of the pile (u). Similar nonlinear behavior has been 
reported for piles in clay (150-154). The variation of the 
coefficient of subgrade reaction with deflection observed in 
different pile load tests reported in the literature is illus-
trated in Figures 38 and 39. 

In view of the nonlinearity of the pressure-deflection 
relationship, it has been suggested (153) that the basic 
equation of pile bending (Eq. 48) be used in the following 
nonlinear form: 

d4u 
(58) 

in which, for piles with variable cross section, moment of 
inertia I can also be a function of z rather than a constant. 
The function p(z,u) can be formulated in the following 
hyperbolic form: 

	

1 	
(59) 

U 	 1 	U 

u=!P__?
nhD  3

M 	 (55) _ 2   

(56) 
L. - 
0 

A detailed review of literature on behavior of rigid piles 
can be found in Reference 192. Such piles should also be 
checked for safety against overturning (190). 

In the case of nonhomogeneous soil conditions and 
abrupt changes in soil stiffness with depth, it is important 
to note that the lateral resistance of a pile is governed by 
the properties of the soil in the immediate vicinity of the 
pile head. Studies of the lateral-load behavior of piles in 

soil (143) show that  the-lateral resistance is little 
affected, if  any by the soil extending deeper than 0.5T or 
just a few pile diameters bew the 	head. Thus, in- 
vestigations for this purpose shouldncentrate on the 
surface layer. Also, significant improvements of lateral-
load resistance can be achieved by improvement or densi-
fication of that layer. Finally, the fact that this layer is 
commonly exposed to seasonal variations in soil moisture 

in which K1  represents the soil reaction modulus at the 
origin (for zero deflection) and p0, the ultimate horizontal 
pressure of the soil for a loaded area of diameter B, which 
is evaluated by the appropriate bearing-capacity theory. 
(Both K1  and p0  normally vary with depth z.)  This type 
of analysis has been programmed for a computer and can 
produce nonlinear load-displacement curves that agree with 
observations over a considerable range of horizontal deflec-
tions (153, 154). However, this apparently refined analy-
sis suffers from the same shortcomings as the elementary, 
linear subgrade-reaction theory, namely: 

It deals with empirical constants that cannot be 
related to other known soil and pile characteristics. 

It does not allow a rational analysis of interference 
of adjacent piles. 

These shortcomings can, in principle, be corrected by 
considering the laterally loaded pile as a bar in a solid of 
defined properties. Early analyses of this kind (155-158) 
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assume that the surrounding soil acts as an elastic-isotropic 
solid defined by a constant modulus of deformation (E0) 
and a Poisson's ratio (v8). This assumption represents a 
serious departure from reality because the uppermost ele-
ments of the soil adjacent to the pile are highly stressed 
and generally deform in the plastic range. In addition, the 
soil around the pile can not transmit large horizontal tensile 
stresses perpendicular to the plane of pile bending, as as-
sumed in three of these analyses based on the Mindlin solu-
tion (156-158). Consequently, possible advantages of these 
theories may be overshadowed by the lack of reality of 
some of their basic assumptions. The theories can be im-
proved by introducing a "yield pressure," thus simulating 
the plastic behavior of soil close to the pile head in a man-
ner similar to that used in nonlinear subgrade-reaction 
theory (159). However, the advantages of this slightly 
more rigorous approach remain questionable, except for 
analysis of interference of adjacent piles in a group. As 
pointed out earlier, such an analysis can not be made by 
the subgrade-reaction method. A real improvement, from 
the theoretical point of view, can be achieved only if the 
problem is solved by using a three-dimensional finite-
element analysis for a nonlinear elastic-plastic solid. How-
ever, such an analysis is not meaningful before more is 
learned about the constitutive relationships of soils in three-
dimensional stress conditions and about the stress condi-
tions around a pile after driving. 

Most of the previous discussion has been concerned with 
pile deflections and bending moments under short-term, 
first-loading conditions. Sustained loading generally in-
creases the deflections of laterally loaded piles in clay and, 
to a certain extent, in sand. The increase is, however, not 
significant, at least when only dealing with clays of reason-
ably low liquidity index. Both theoretical and experimen- 
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DEFLECTION (INCHES) 

Site Soil 	Pile Size 	 source 

Arkansas River oedium sand 	14-16" 	Oliazdeh & Davitson (1970) 

--Ovotbe Bonk silty sand 	36" pier 	Boteo et al. 	(1910) 

Occidental 	Drive silty tond 	IS /. 	PAdnana & lee (1914) 

- - - - - - - - - Linda Creek flee silty sand 	118", 8" 	Pa dvflz 	8 Bee (1974) 

Figure 38. 	Variation of coefficient  of subgrade reaction (nn) 
for piles in sand. 

tal studies on this subject (158, 160, 163) indicate that the 
increase in deflection caused by sustained loads should 
rarely exceed 25 percent. Considerably larger increases 
should be expected under cyclic loading. For example, 
cyclic load tests on two single piles in sand at an Arkansas 
River site (146) showed a sharp increase of deflections, 
stabilizing after about 100 load applications at almost 
100 percent of the first-loading value (see Fig. 40). The 
corresponding increase in bending moments is much 
smaller, as might be expected from an analysis according 
to Eqs. 51 through 54. Similar conclusions were reached 
earlier from laboratory-model tests on piles in sand (145, 
161). Limited information available (162, 163) shows that 
analogous cyclic-loading effects exist in piles in clay. Little 
is known, however, in a general sense about the relative 
magnitude of these effects in different clay types. 

PILES SUBJECTED TO LATERAL SOIL MOVEMENT 

A particularly dangerous type of lateral loading on piles, 
not covered by preceding considerations, is that of pile 
loading along the shaft by horizontal movements of the 
ground. A relatively common situation of this kind is 
shown in Figure 41a. Because of a vertical surcharge, such 
as an embankment, the underlying soil, particularly if it 

DEFLECTION AT TOP OF PILE (INCHES) 

Soil 	 Pile Type 	 SourCe 

silty-sandy 	 10BP42 	 Kim et al (1973) 
clay 	 (group of 6) 

sandy clay 	 48" pier 	 Oavissmn & Salley (1968) 

and sand 

stiff 	 lO/" pipe 	Paduana & See (1974) 

sandy clay 	 concrete 
filled 

sandy clay 	 40" pier 	Botea et a) (1973) 

Figure 39. Variation of coefficient  of subgrade reaction (nn) 
piles in clay. 
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Figure 40. increase of deflection of laterally loaded piles under 
cyclic loading (146). 

is soft, undergoes sometimes substantial horizontal move-
ment. If a pile is placed in the ground close enough to the 
surcharge before the horizontal movements of the soil are 
completed, the soil exerts horizontal pressures on the pile. 
In extreme cases, such as that shown in Figure 41b, the 
soil along a portion of pile shaft can be involved in a 
general shear-type movement along a slip surface or a nar-
row slip zone in the ground. Reported measurements and 
observations in the field (164-168) show that the resulting 
forces acting on the pile may be large enough to break the 
pile in bending or shear. Thus, piles subject to horizontal 
movements must be designed to guard against this type of 
failure. 

The basic problem of a pile subjected to lateral soil 
movement can be formulated as follows: A pile has a 
diameter of B and structural stiffness of EI and is em-
bedded in a soil of known properties (Fig. 42). The pile 
can be free-standing or connected to a superstructure, 
which may, to a given degree, restrain the free movement 
of its head. Because of a surcharge or an excavation in the 
vicinity, the soil surrounding the pile undergoes a lateral 
movement represented by a function u5 (z). The deflected 
shape of the pile, u1) (z); the bending moments, M(z); and 
shears along the pile axis, P(z), are to be determined. 

To solve the problem, the differential equation of bend-
ing, Eq. 48, and an assumed relationship between the re-
active pressure of the soil (pa ) and the relative displace-
ment between the soil and the pile (u - u8) are used, as 
follows: 

pZ =Kh(u1 -  U8 ) 	 (60) 

The modulus of subgrade reaction (Kh) can, in general, be 
a function of z and u. Convenient solutions can be ob-
tained by dividing the pile into small elements and using 
a difference-equation equivalent of Eq. 48 (169). Com-
parisons with measured bending moments in piles under 
investigated conditions show a good agreement, provided 
a judicious choice of the subgrade modulus and a realistic 
assumption of boundary conditions of pile head can be 
made. 

excavation 

(b) 

Figure 41. Piles subjected to lateral movement of soil. 

An alternate method, proposed by Poulos (170), re-
places the subgrade-reaction relationship (Eq. 60) by a 
series of load-transfer functions obtained under the as-
sumption that the soil behaves as an elastic solid. This 
method also assumes that there is an upper limit of pres-
sure (p0) that the soil can transfer to the pile. Poulos 
(170) presents some ready solutions for a few simple con-
ditions that can be used in practice. It should be noted that 
relatively simple solutions of the problem can also be found 
by assuming that the relative movement between the pile 
and the soil is large enough everywhere to produce punch-
ing failure in the soil and mobilize its ultimate lateral re-
sistance (p0 ) ( 171). Another type of ultimate design 
analysis can be used in situations where an entire soil mass 
engaged in general shear along a slip surface or a narrow 
slip zone is moving against the pile or a row of piles (168, 
172). 

AXIAL CAPACITY OF INITIALLY BENT PILES 

Another type of potentially dangerous pile bending may 
occur under axial loads if the pile axis deviates from the 
intended straight line. Such deviations are not uncommon 
in the case of relatively slender steel H- or pipe piles, par-
ticularly if the soil contains obstructions in the form of 
small boulders or, more generally, if there are randomly 
distributed soft or stiff pockets or both in the profile. They 
also occur with cast-in-place piles installed in long lengths 
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Figure 42. Basic problem of a pile subjected to lateral soil 
movement. Figure 43. Buckling of partially embedded piles (212). 
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with a casing but without a solid mandrel. The departure 
of a pile axis from a straight line causes parasite bending 
moments and thus, additional, bending stresses in the piles, 
which may reduce their axial capacity. 

Once it is established that one or several riles ona site 
the foundation engineer 

is faced with the decision of acceDtine or reiectin these 
some instances such decisi 

offset 
of the pile from the theoretical 
exceed some percentage of the pile length (usually 2 to 

Such rules are, however, arbitraTi nature 
and tend to be overly conservative. A more precise eval-
uation of possible reduction in pile capacity from a bent-
pile axis can be made by analyzing bending moments and 
shears in the bent piles. At least two general methods for 
such an analysis with appropriate examples can be found 
in the literature (224, 225). 

PILE BUCKLING 

Experience shows that buckling of fully embedded piles is 
extremely rare, even in soft soils, as long as they are 
capable of supporting a pile in friction. This fact was 
explained in early studies of this problem (173, 174), 
which showed that a minimum of lateral support can pre-
vent a fully embedded, straight, centrally loaded pile from 
buckling. Subsequent model and full-scale tests (175-1 78) 
gave some indications about the order of magnitude of this 
"minimum support" and provided valuable insight into the 
nature ofthe buckling phenomenon in piles. 

According to Davisson (179) the critical load (Q) of 
a pile of constant stiffness (E,J), fully embedded in a soil 
with reaction modulus proportional to depth can be found 
from the expression 

Qerit = 0.78 nhT 3 	 (61) 

in which T is the characteristic length given by Eq. 53. 
This expression is valid for piles with free head, transmit-
ting a constant axial load all the way to the pile tip, and 
is computed under the assumption that the pile is at least 

4T long. If the pile head is fixed against rotation, the criti-
cal load is approximately 13 percent higher; if the pile head 
is pinned (i.e., prevented from translation but free to ro-
tate), the critical load is 62 percent greater. The effect of 
reduction of axial load with depth due to shaft friction is 
minimal as long as the pile head is free; it can be substan-
tial if the pile head is fixed (180). The effect of pile taper 
is, similarly, more pronounced if the pile head is fixed 
(181). 

If the piles are only partially embedded in soil, forming 
part of a structural frame (Fig. 44a), the buckling load can 
be determined as if the piles were free-standing columns 
fixed at their base at a depth (Li) below the ground sur-
face (Fig. 43). Assuming a soil-reaction modulus propor-
tional to depth, the depth of fixity (L) is found to be ap-
proximately 1.8T, when T is, as before, the characteristic 
length given by Eq. 53 (182). The same depth of fixity 
(L f) can be assumed for complete structural analysis of 
bending moment and shears in the upper frame (212). 
Following this, the maximum bending moment in the pile 
can be found from ground-line shear (P) and moment 
(M) by using Eq. 54. 

PILE GROUPS UNDER ECCENTRIC 
AND INCLINED LOADS 

Earlier considerations of pile group action were limited to 
groups of vertical piles subjected to central, vertical loads. 
However, in view of the existence of horizontal loads (such 
as wind; braking or earthquake forces; and earth, ice, or 
wave pressures), the design reactions in many situations 
include eccentric and inclined loads. As long as the hori-
zontal components of those reactions are relatively small, 
they may be transmitted by vertical piles in bending. For 
large horizontal loads and great eccentricities, it may hap-
pen, particularly if the adjacent soil is relatively compressi-
ble, that the horizontal displacement and tilt of the founda-
tion become excessive or that bending moments in piles 
become too great. In such instances batter piles may be 



41 

ME 

 

(c) 
	

WE 
Figure 44. Examples of structural systems with batter piles. 

needed in the group, resulting in pile configurations such 
as those shown in Figure 44•* 

In any case, the presence of eccentric and inclined loads 
requires a structural analysis of the system. The problem 
can be formulated as follows: a group of vertical and bat-
ter piles is rigidly connected by a cap (Fig. 45). Under the 
action of the resultant (R) of external loads acting on the 
system, the foundation is displaced both horizontally and 
vertically, as well as tilted. The piles resist this displace-
ment by normal forces (Q), shear forces (P), and mo-
ments (M) (all positive as shown in the figure). These 
pile reactions need be determined for computation of bend-
ing moments and shears in individual piles. Also needed 
are components of displacement of the cap or pile heads 
from which any displacement in the system can be 
determined. 

This problem has been treated in the past by many 
authors, starting with Gullander (183). More recent solu-
tions, based on more realistic assumptions on soil-pile inter-
action, have been presented by Hrennikoff (184), Vesió 
(155), Asplund (185), Francis (186), Saul (187), Reese 
et al. (188) and others. Practically all these solutions are 
based on the following common assumptions: 

The passive pressure and the friction along the sides 
and on the base of pile cap are neglected. 

It is assumed that the spacing of the piles is such 
that they do not influence each other through the soil mass. 
In other terms, it is assumed that each pile carries its own 
reactions independently, as if it were an isolated pile in the 
soil mass. 

It is assumed that the components of displacement 
(u, w, and 0) of a pile head are linear functions of re-
actions Q, P, and M of that pile and independent of 
reactions of other piles. 

The first assumption is justified if the cap is embedded 
in a weak, relatively compressible stratum or in a stratum 
that can be eroded by scour. Operating under this assump-
tion is always on the safe side; however, there are situa-
tions in which it may be too conservative. Information 
from both model and full-scale tests (149, 163) indicates 
that an embedded cap in sand can take as much as 30 per-
cent of the lateral load in shear on the base alone. 

According to Prakash (161), the second assumption may 
be justified if pile spacings are less than 8 pile diameters in 
the direction of the lateral load and less than 3 pile di-
ameters in the perpendicular direction. His model experi-
ments have shown, however, that the effect of pile inter-
ference in the direction of the load can be accounted for 
by reducing the value of coefficient nh obtained for a single 
pile. 

As explained in the preceding section, the third assump-
tion is generally not justified because load-displacement 
relationships for the head of a single pile tend to be non-
linear. However, the effects of nonlinearity can be ac- 

* In selecting the batter pile arrangements, the designer should keep in 
mind certain facts of practical order. Batter does not greatly affect the cost 
of driving as long as it is less than 1 to 4. Many designers consider 1 to 3 
to be the most efficient batter when lateral stability is critical; this is also 
the limit for most driving rigs. For free-standing tall bents, large batter 
should be avoided for aesthetic reasons; in such situations I to 10 may be 
the maximum tolerable. 

+x +Qt 
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Figure 45. Problem of a pile foundation subjected to ec-
centric and inclined loads. 

counted for by selecting secant values of coefficient nh  
(cf. Figs. 38 and 39). 

Once that assumption is made, the relationships between 
the displacement components (u, w, and 0) and pile re-
actions can be written in the following form (155): 

Q = kw 
P=k(u+tO) 	 (62) 

M= kt(u + t 0) 

The meaning of coefficients k, k, t, and C is evident from 



42 

Figure 46 and Eq. 62. The first coefficient (ku ) represents 
simply the ratio of axial load to settlement; the second 
coefficient (kr) represents the ratio of lateral load to lateral 
deflection in condition of pure translation of pile head 
(fixed-end condition). Both k and k t  appear in units such 
as kip/in. or kN/m; they are usually called coefficient of 
axial and lateral pile reaction, respectively. The charac-
teristic length t represents the ratio of moment to lateral 
load in the "fixed.:end" condition shown in Figure 46b, 
whereas the pure number represents the ratio of mo-
ment to lateral load in the "pure-rotation" condition shown 
in Figure 46c divided by the characteristic length t. 

The axial coefficient (ku ) can be determined from an 
axial load test or from computed pile settlement under a 
working load. The other three coefficients can be deter-
mined from lateral-load tests. It should be noted, how-
ever, that they can also be derived if the pile and soil 
properties are defined. Thus, if it is assumed that the pile-
soil system is defined by a reaction modulus that increases 
with depth according to Eq. 50, it can be shown from 
Eqs. 51, 52 and 62 that: 

k= 1.075n1,T2  
t=0.926T 	 (63) 
= 1.62 

If it is assumed, on the other hand, that the pile is a square 
bar of diameter B, having a modulus of elasticity E, and 
that the soil behaves as a linear, elastic solid defined by a 
modulus of deformation (E5), the following expressions 
for a solid square or circular pile are obtained (122, 135) 

k = 0.60 B ESVE. 

Tp­ t=0.44 Bl/j_ 	 (64) 

= 1.88 

In reality, Eq. 64 should be used with a reduced modu-
lus (ER), which can take into account plastic phenomena 
around the pile head (159). These expressions are, never-
theless, quite instructive. For example, they indicate that 
the lateral stiffness of a pile is directly proportional to its 
diameter and the soil stiffness, so that in a given soil the 
lateral stiffness of the pile can be increased most effec-
tively by increasing the pile diameter. The expressions also 
show that the characteristic length (t), only slightly less 
than T, may vary in extreme cases from approximately 2 
pile diameters for a wooden pile in extremely dense sand 

Wfj 8=0. 	

4 
(a) 	 (b) 	 (c) 

Figure 46. Definition of pile coefficients. 

to as much as 10 pile diameters for a steel pile in very soft 
clay. * 

A relatively simple solution to this problem can be ob-
tained for a plane problem and a rigid cap. For such a 
system, it can be shown (155) that there is point (C) (see 
Fig. 45) called center of the pile group such that the sys-
tem experiences no rotation if the resultant of external 
forces (R) passes through it. The position of group cen-
ter (C) can be found from geometrical and statical 
considerations. 

Take any system with n equal-size piles, each axis of 
which makes an angle cc with the x-axis located in the plane 
of the pile heads. Assume a coordinate center (0) any-
where on x-axis, with z-axis as shown in the figure. The 
coordinates of center C can then be found from 

M2S, - M1S2  

	

S1S3S2 	
(65) 

M2S2  - M1S3  
zc = 	- 22  

in which S and M represent pile group constants defined as: 

S1  = Z(cos2c + sin2c) 

S2 = (1 — A)sincosc 

	

S3  = 1(sin2c + Acos2 ) 	 (66) 

M1 = (1—A)xsinacoscL 

M2  = x(sin2a + Acos2c) 

in which A = k/k represents the stiffness ratio of the piles. 
Reducing the external load to the center C and denoting 

the components of that load by V, H, and 51 (positive as 
shown in Fig. 45), the pile reactions P, Q, and M can be 
computed from: 

Q = Cq11H + CqvV + Cqm31 

	

P = C,11H + CV  + Cpni,% 	 (67) 

M = (CmhH + C.vY + Cmm 5Jj)t 

The coefficients in these equations represent the pile-
reaction factors defined as: 

Cqh 
= S3cos - S2sinc 

S1S3 _S22  

= S1sincc - S2cosc 
qv 	- 22  

= 
S3sin + S2cos 

s1s3  - S22  

CPV
S1coscL + S2sina 

= —A 	
13 - S22 	

(68) 

- - kp 
Cqm _ 

* Eqs. 64 have been derived for solid square sections. They can be used 
for other sections by applying a correction to the pile modulus of elasticity 
to take care of the difference in moment of inertia. Thus for a circular 
section, a fictitious pile modulus equal to 0.589E5  should be introduced, 
changing the factors in Eq. 64 to 0.54 and 0.38, respectively. For steel 
H-piles, the factors are approximately 0.48 and 0.32. 
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k(q+ t) 
C1)fl, = 

- k(q + et) 
Cm,11 - 

in which p represents the shortest distance between pile axis 
and the center of the group and q the distance between pile 
head and the point on pile axis closest to the center of the 
group (both positive as shown in Fig. 47). Y is the sixth 
foundation constant defined by 

= [k11 p2  + k(q  + t) 2  + k( - 1)t2] 	(69) 

The pile-reaction factors (Eq. 68) have been tabulated 
(105) for symmetrical as well as for unsymmetrical groups 
of vertical and batter piles. The tables available are made 
for two different batters (3 to 1 and 4 to 1) and for an 
arbitrary number of equidistant piles. The entire analysis 
can also easily be programmed for a computer. 

Measurements of models and full-size pile groups (109, 
161, 149, 190) show a reasonable agreement between ob-
servations and predictions by this relatively simple analysis. 
The only major departure observed is that the front pile 
row in the direction of bending receives a greater share of 
lateral load than the back row, although this theory pre-
dicts that both rows should carry the same lateral load. 

In the simpler case of a group containing only vertical 
piles (Fig. 48), the group center C is on the axis of sym-
metry of the group at a distance z = t from the center of 
coordinates 0. The reactions of individual piles are: 

Q=j v —i 

P=- H 	 (70) 

M — 
	H+ k(e—l)t2 

in which x represents the distance from pile axis to pile 
center (positive as shown in Fig. 48). 

The displacement components of the foundation are 
given by equations: 

H 	
V O u= - 

 
w=— 	=— 	(71) 

in which the constant s,,, (Eq. 69) is reduced to 

+x 

+( 

Figure 47. Sign convention for p and q. 

xt 

Figure 48. Group of vertical piles subjected to eccentric and 
inclined loads. 

= [k,,x2  + k(E— 1)t 2] 

It should be noted that u and w need to be corrected for 
group action, unless this was done through reaction co-
efficients k11  and k. 

The analysis of three-dimensional pile groups containing 
batter piles is based on similar principles (185, 187, 188, 
191). However, in view of the complexity of the compu-
tations, a matrix formulation and solution by computer is 
preferred. 
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CHAPTER EIGHT 

CONSTRUCTION PROBLEMS 

DYNAMICS OF PILE DRIVING 

Pile driving can be defined as the operation of forcing the 
pile into ground by dynamic means such as impact or vi-
bration. In the most commonly used impact method, the 
pile is driven by means of a hammer containing a ram 
(Fig. 49a), which falls along two parallel guides (leads) 
on the pile head. If the ram weight (Wr ) and the falling 
distance (stroke) (h) are properly selected, the pile ex-
periences on each blow a permanent downward displace-
ment (set) (s). A sequence of such blows can bring the 
pile to a desired elevation as long as there is sufficient driv-
ing energy to overcome the dynamic resistance (R) of the 
pile and the pile is not damaged or broken by excessive 
driving stresses. 

The mechanics of operation of principal hammer types is 
shown in Figure 49. The ram of a drop-hammer (Fig. 49a) 
is raised by a winch and allowed to drop freely from a 
prescribed height. The modern versions of this ancient 
method operate at approximately 10 blows per minute. In 
the case of single-acting hammers (Fig. 49b), the ram is 
lifted by steam or air pressure, increasing the frequency of 
blows to approximately 60 per minute. Free-fall still re-
mains the principal source of driving energy. In the case 
of double- and differential-acting hammers (Fig. 49c), the 
steam or air pressure is used also to accelerate the ram 
downward. In this way, both the impact velocity and the  

driving frequency are considerably increased. In diesel 
hammers (Fig. 49d), the ram fall compresses the air in-
side an enclosed cylinder. A properly timed fuel injection 
during the ram-anvil impact causes an explosion of the 
fuel-air mixture, which is used to lift the ram and also to 
give the pile an additional dynamic impulse. In some mod-
els, the cylinder may be closed-ended, in which case a 
"bounce-chamber" of compressed air on the upper end of 
the cylinder provides a double-acting effect. Hydraulic 
hammers, which are still not used extensively, operate on 
a system similar to steam or air hammers. However, oil 
at a high pressure of 5,000 psi (34.5 MPa) replaces steam, 
which operates at usual pressures of slightly more than 
100 psi (689 kPa). Finally vibratory drivers (Fig. 49e) 
consist of a pair of counter-rotating eccentric weights 
whose horizontal impulses from centrifugal forces cancel, 
while vertical impulses add in producing a pulsating load 
of variable frequency. Principal characteristics of com-
monly used impact hammers are given in Table 7 and those 
of vibratory drivers in Table 8. An up-to-date discussion 
of their relative merits can be found in Reference 195. 

To soften the impact and prevent pile and hammer 
damage, the pile head may be covered by a steel helmet 
(cap), with a renewable cushion (capblock) made of ma-
terials such as wood, fiber, or plastics. As shown in Figure 
50, another cushion may be placed between the helmet and 
the pile head. The presence of the helmet with cushions 
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Figure 49. Principle of operation of pile drivers (18, 93). 
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IMPACT PILE-DRIVER DATA 

Rated 
Energy 
Kip-ft 

Make of 
Hammer 

Model 
No. Type 

Blows 
per 
min 

Stroke 
at 

Rated 
Energy 

Weight 
Striking 
Parts 
Kips. 

Total 
Weight 
Mips. 

180.0 Vulcan 060 S-A 62 36 60.0 121.0 
130.0 MKT* S-40 S-A 55 39 40.0 96.0 
120.0 Vulcan 040 S-A 60 36 40.0 87.5 
113.5 5-Vulcan 400C Diff. 100 16.5 40.0 83.0 
97.5 MKT S-30 S-A 60 39 30.0 86.0 
79.6 Kobe 1<42 Dies. 52 98 9.2 22.0 
60.0 Vulcan 020 S-A 60 36 20.0 39.0 
60.0 MKT S20 S-A 60 36 20.0 38.6 
56.5 Kobe 1<32 Dies. 52 98 7.0 15.4 
50.2 5-Vulcan 200C Diff. 98 15.5 20.0 39.0 
48.7 Vulcan 016 S-A 60 36 16.2 30.2 
48.7 Raymond 0000 S-A 46 39 15.0 23.0 
44.5 Kpbe K22 Dies. 52 98 4.8 10.6 
42.0 Vulcan 014 S-A 60 36 14.0 27.5 
40.6 Raymond 000 S-A 50 39 12.5 21.0 
39.8 Delmag D-22 Dies. 52 n/a 4.8 10.0 
37.5 MKT S14 S-A 60 32 14.0 31.6 
36.0 S-Vulcan 140C Diff. 103 15.5 14.0 27.9 
32.5 MKT SlO S-A 55 39 10.0 22.2 
32.5 Vulcan 010 S-A 50 39 10.0 18.7 
32.5 Raymond 00 S-A 50 39 10.0 18.5 
32.0 MKT DE-40 Dies. 48 96 4.0 11.2 
30.2 Vulcan OR S-A 50 39 9.3 16.7 
26.3 Link-Belt 520 Dies. 82 43.2 5.0 12.5 
26.0 MKT C-8 D-A 81 20 8.0 18.7 
26.0 Vulcan 08 S-A 50 39 8.0 16.7 
26.0 MKT S8 S-A 55 39 8.0 18.1 
24.4 5-Vulcan 80C Diff. 111 16.2 8.0 17.8 
24.4 Vulcan 8M Diff. 111 n/a 8.0 18.4 
24.3 Vulcan 0 S-A 50 39. 7.5 16.2 
24.0 MKT C-826 D-A 90 18 8.0 17.7 
22.6 Delmag D-12 Dies. 51 n/a 2.7 5.4 
22.4 MKT DE-30 Dies. 48 96 2.8 9.0 
24.4 Kobe 1<13 Dies. 52 98 2.8 6.4 
19.8 Union K13 D-A 110 24 3.0 14.5 
19.8 MKT 11B3 D-A 95 19 5.0 14.5 
19.5 Vulcan 06 S-A 60 36 6.5 11.2 
19.2 S-Vulcan 650 Diff. 117 15.5 6.5 14.8 
18.2 Link-Belt 440 Dies. 88 36.9 4.0 10.3 
16.2 MKT S5 S-A 60 39 5.0 12.3 
16.0 MKT DE-20 Dies 48 96 2.0 6.3 
16.0 MKT CS Comp. 110 18 5.0 11.8 
15.1 5-Vulcan SOC Diff. 120 15.5 5.0 11.7 
15.1 Vulcan 5M Diff. 120 15.5 5.0 12.9 
15.0 Vulcan 1 S-A 60 36 5.0 10.1 
15.0 Link-Belt 312 Dies. 100 30.9 3.8. 10.3 
13.1 MKT 1OB3 D-A 105 19 3.0 10.6 
12.7 Union 1 D-A 125 21 1.6 10.0 
9.0 Delmag DS Dies. 51 n/a 1.1 2.4 
9.0 MKT C-3 D-A 130 16 3.0 8.5 
9.0 MKT S3 S-A 65 36 3.0 8.8 
8.8 MKT DE-lO Dies. 48 96 11.0 3.5 
8.7 MKT 9B3 D-A 145 17 1.6 7.0 
8.2 Union l.SA D-A 135 18 1.5 9.2 
8.1 Link-Belt . 	180 Dies. 92 37.6 1.7 4.5 
7.2 Vulcan 2 S-A 70 29.7 3.0 7.1 
7.2 5-Vulcan 30C Diff. 133 12.5 3.0 7.0 
7.2 Vulcan 3M Diff. 133 n/a 3.0 8.4 
6.5 Link-Belt 105 Dies. 94 35.2 1.4 3.8 
4.9 Vulcan DGH900 Diff. 238 10 .9 5.0 
3.6 Union 3 D-A 160 . 	14 .7 4.7 
3.6 MKT 7 D-A 225 9.5 .8 5.0 
.4 Union 6 D-A 340 7 .1 .9 
.4 Vulcan DGH100A Diff. 303 6 .1 .8 
.4 MKT 3 D-A 400 5.7 .06 . 	.7 
.3 Union 7A D-A 400 6 .08 .5 

*Codes 
D-A - Double-Acting 

MKT - McKiernan-Terry 	Diff. - Differential 
S-Vulcan - Super-Vulcan Dies. - Diesel 
S-A - Single-Acting 	Comp. - Compound 	(After Parola, Ref. 193) 
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TABLE 8 

COMPARISON OF VIBRATORY DRIVERS 

Total Frequency prce*, Kips 
Weight Available range Frequency 

Make Model Kips HP cps cps 

Foster 2-17 6.2 34 18-21 
(France) 2-35 9.1 70 14-19 62/19 

2-50 11.2 100 11-17 101/17 

Menck MV822-30 4.8 50 48/ 
(Germany) MVB65-30 2.0 7.5 14/ 

MVB44-30 8.6 100 97/ 

Muller MS-26 9.6 72 
(Germany) MS-26D 16.1 145 

Uraga VHD-1 8.4 140 16-20 43/20 
(Japan) VHD-2 11.9 80 16-20 86/20 

VHD-3 15.4 120 16-20 129/20 

Bodine B 22 1000 0-150 63/100-175/100 
(USA) 

(Russia) BT-5 2.9 37 42 48/42 
VPP-2 4.9 54 25 49/25 
100 4.0 37 13 44/13 
VP 11.0 80 6.7 35/7 

VP-ti 25.9 208 198/ 

*Forces given are present maximums. These can usually be raised or 
lowered by changing weights in the oscillator. 

(from Davisson, Ref. 194) 

generally reduces driving efficiency; however, it can im-
prove the shape of the dynamic impulse transmitted to the 
pile, making it more like a push than a sharp rap, and thus 
aiding the driving process. Typical deformation charac-
teristics of some commonly used cushion materials are 
given in Table 9; a brief description of their features is 
given in Reference 195. 

A thorough understanding of the mechanics of pile driv-
ing is essential to the foundation engineer facing decisions 

TABLE 9 

TYPICAL PILE CUSHION MATERIAL PROPERTIES 

COEFFICIENT 
OF 

SECANT RESTITUTION, 
MATERIAL MODULUS, E (psi) e 

Micarta plastic 450,000 0.80 
Oak (green) 45,000' 0.50 
Asbestos discs 45,000 0.50 
Plywood, fir 35,000" 0.40 
Plywood, pine 25,000" 0.30 
Gum 30,000" 0.25 

e = Eod/E,,n,oaa (From Ref. 211) 
Properties of wood with load applied perpendicular to wood grain. 

on a piling site. Experience alone, however important, is 
not always sufficient to answer a series of questions such as: 

Can a given pile be driven to the design depth and 
capacity with a specific hammer considered for the par-
ticular job? 

If so, what will be the set in the final blows and what 
will be the maximum stress experienced by the pile? Should 
a hard or a soft cushion be used? 

If driving cannot be accomplished as specified un-
der (a), what hammer characteristics are needed to per-
form the job with the pre-selected pile? Or, alternately, 
what other pile of the same dimensions can, perhaps, be 
driven with the first considered hammer. 

To answer these and other questions that may appear in 
connection with a particular piling job, a rational analysis, 
based on the principles of dynamics of the pile-soil system 
may be useful. In some situations involving unusually 
large or new pile types in a new location such information 
might be considered even indispensable. The problem can 
be formulated as follows (Fig. 50): given a pile of a cer-
tain size and material characteristics that may be capped by 
a helmet with cushions. The pile is being driven into a soil 
mass of known properties by means of a ram of weight 
(Wr ) falling over a stroke (h) with or without propelling 
forces other than gravity, so that it achieves an impact 
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velocity v0. The stress-displacement-time relationships for 
selected points of the system are to be determined. Of 
special interest are the plastic displacement (set) of the 
pile head and its correlation with ultimate dynamic resist-
ance of the pile (R), as well as the maximum compressive 
and tensile stresses in the pile caused by driving. 

The following simplifying assumptions are usually made 
in attempting to solve this complex problem: 

The helmet and the pile are assumed to behave as 
elastic solids, defined by their elasticity moduli Eh  and E, 
respectively. The cushions are also assumed to behave as 
elastic solids, sometimes with bilinear moduli, however. 

The soil resistance to pile penetration is simulated 
by means of interface elements as shown in Figure 51, 
which include elastic, plastic, and viscous dynamic response 
of the soil. 

The cross-section of the pile (A) is assumed to be 
small in comparison with its length (L), so that the pile 
can be considered as an elastic bar. It can be shown (196, 
197) that the pile displacement (w) for any pile point at 
the depth z in function of time t is governed by the follow-
ing second-order partial-differential equation 

2 w 	 2 w 

	

AE}) -----R(w,z,t) =p1)A -- 	(72) 

in which PI)  represents the mass density of the pile, equal to 
y1) /g in which g is the acceleration of gravity. R is the men-
tioned response function of the surrounding soil, which can 
but does not have to be assumed in the simplified form 
shown in Figure 51. 

Closed-form solutions of this equation can be obtained 
if R = 0, in which case Eq. 72 becomes 

	

c2 2w—=---- 	 (73) 
z2 	t2  

in which c = VE1) /p1)  represents the velocity of wave propa-
gation through the bar. This velocity should be distin-
guished from the particle velocity v, which is related to 
the stress a-  produced by the wave by the expression 

Ca 

v=E.1 	 (74) 

The product pcA, called pile impedance, can be used as a 
measure of force that can be transmitted through a pile by 
a dynamic impulse. The higher the impedance of a par-
ticular pile, the greater is its potential of overcoming soil 
resistance to driving and of developing a high bearing ca-
pacity. This is shown in Figure 52, taken from Reference 
193. That study, using an analog computer solution of 
Eq. 73, found the following optimum range of impedances 
for any given hammer-cushion combination 

pcA = (0.60 to 1.10)1/f 
g 	

(75) 

in which K represents the cushion stiffness, defined as 
ACEC/hC, in which A, E, and h  are, respectively, the 
cross-sectional area, modulus of elasticity, and thickness of 
the cushion. A comparison of impedances for some corn- 

Ram 

Cushion 	 Stroke, h 

HeImetlIIIIIIIII 
Cushion 

-J 

Figure 50. Problem of pile driving. 

mon pile types of about the same exterior dimensions is 
presented in Table 10. 

It is not difficult to show that the maximum stress in a 
long pile occurs at the impact point. Thus, for an un-
protected, long pile, the maximum compressive driving 
stress should be equal to: 

0max -i;--- 
Ev0 	

(76) 

in which v0  = 'I 2gh represents the ram impact velocity. 
For a pile protected by a cushion, the maximum compres-
sive stress becomes equal to (198, 199): 

KcV oe_nt 
sin (tVp2 —n2) 	 (77) a-max = A Vp2_ 2 
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Figure 51. Rheological model of soil resistance at pile-soil 
interface. 

TABLE 10 

STRESS-TRANSMISSION CHARACTERISTICS OF TYPICAL PILES 

Pile Type 

Unit 
Weight 

P 

(lb/ft3 ) 

Mass 
Density 

g 

(lb sec2 /ft 4 ) 

Stress 
Wave 

Velocity 

c 

(ft/see) 

Area 

A 

(in. 2 ) 

Impedance 

pcA 

(lb sec/in.) 

Wood 
10-in, diameter kiln dry 	40 1.24 13,600 78.5 768 
10-in, diameter treated 	60 1.86 10,600 78.5 898 

southern pine 

Concrete 	 150 4.66 11,100 
10-in, 	diameter 78.5 2360 
20-in, diameter 314.2 9410 

Steel 	 490 15.2 16,900 
HP 10 X 57 - 16.76 2500 
HP 12 X 53 15.58 2430 
HP 14 X 117 	 ' 34.44 5370 
10-3/4 X 0.188 pipe 6.24 928 
103/4 X 0.279 pipe 9.18 1440 
10-3/4 X 0.365 pipe 11.91 1770 
10-3/4 X 0.188 pipe 53.30 7930 
With steel mandrel 160 lb/ft 

Steel/concrete 
10-3/4 X 0.279 pipe 	1 	185 5.76 12,100 87.9 3550 
filled with concrete 

(After Peck, Hanson, Thornburn, Ref. 18) 
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in which A represents, as before, the cross-sectional area of 
the pile and K  the cushion stiffness. Quantities p and n 

are two parameters given by p = \/Kg/ Wr  and n = 

(K/2A) Vg/Ey1)  and t is a characteristic time, to be 
found from the expression: 

tan (t'/p2  - n2) = (Vp2 - 2)/ 	(78) 

Equations 77 and 78 are valid as long as n <p. For the 
less frequent case in which n > p, they are to be replaced 
by: 

KcVoe_?t 
0max 	 sinh (tVn2 - p2 ) 	(77a) 

A'/n2 - p2  

tanh (tVn2 - p2) = (Vn2  - p2)/n 	(78a) 

It can be further shown (197) that, if the pile has a finite 
length and meets complete refusal, the maximum stresses 
occur at pile tip and can be, theoretically, twice as great as 
indicated by Eqs. 76 or 77. If, however, a bar of finite 
length meets no resistance on its free end, the compressive 
wave is reflected from that end as a tension wave. The 
stress conditions in this situation depend on the relative 
length of the pile (L) with respect to the stress wave length 
(La), which can be computed from 

Car 
(79) 

The maximum tensile stress, assuming no damping in either 
the pile or the soil, would be equal to the maximum com-
pressive stress as long as L/L5  > 0.5. For shorter piles, 

ot max is given by the approximate expression (199): 

max = 8 a- max (L/L)3 	(80) 

This analysis presents an idea of maximum tensile stresses 
theoretically possible under conditions of very soft driving, 
in which the pile tip offers little resistance to penetration. 
If these stresses are not compensated by concurrent com-
pressive stresses, net tensions may develop and cause crack-
ing in concrete piles. Tensile stresses may also appear in 
very hard driving if the high-compression wave reflected 
from the tip hits the pile head after contact with the ram 
has been lost. (For additional information, see Refs. 197 
and 199.) 

The solutions to Eq. 73, although referring to highly 
idealized conditions, present an insight into the relative 
importance of principal parameters that affect the stresses 
in a pile during driving. They show that both compressive 
and tensile stresses in piles can be effectively reduced by 
using a heavier ram with lower impact velocity. These 
stresses can also be reduced by-the use of cushions that can 
transform the short, sharp impulse conveyed by a hammer 
blow into a more modulated, longer and lower stress-peak 
impulse. In soft-driving conditions, it may be necessary, at 
least when driving concrete piles, to reduce the hammer 
stroke and impact velocity in order to avoid damaging 
tensile stresses. 

All detailed studies point out the importance of the soil 
resistance term R in Eq. 72 for accurate predictions of pile 
behavior during driving. The presence of this term in the 
wave equation, even in the simplest form, makes rigorous  

solutions to Eq. 72 virtually impossible. However, con-
venient numerical solutions can always be found by using 
a discrete-element approach [first proposed by Smith (196)] 
in which the pile is modelled as a series of mass and spring 
elements (Fig. 53), while the soil support is simulated by 
a series of interface rheological elements shown in Figure 
51. The analysis has been programmed for a digital com-
puter by a group of researchers at Texas A&M University, 
and the programs are widely used in engineering practice 
(200, 201). A typical solution can furnish the axial force 
or axial stress caused by a blow at any point of the pile as 
a function of elapsed time (Fig. 54), as well as a relation-
ship between the pile set (s) (or blow count us) and 
dynamic resistance of the pile (R) (Fig. 55). Parametric 
studies to investigate the effects of different variables on 
pile capacity or driving ability are also routinely available. 

A significant improvement of the original Smith analysis 
and Texas A&M computer program has been developed 
recently at Duke University (93). The resulting DUKFOR 
program offers a multiple-blow solution, which allows the 
consideration of residual stresses left in the pile after each 
blow in analysis of the subsequent blow. The analysis also 
allows the introduction of more versatile, nonlinear stress-
transfer models at the pile-soil interface (see Fig. 32). In 
addition to the usual output, the DUKFOR program fur-
nishes the residual stresses in the pile after driving, which, 
as explained in earlier sections, have a significant effect on 
load-transfer and pile-settlement computations. 

One major uncertainty left in all analyses of this kind is 
often in the actual energy transmitted by the hammer to the 
soil-pile system, which is entered into the computer pro-
gram as an input. Field measurements have shown that the 
average hammer efficiency, defined as the ratio of actual 
energy delivered to nominal energy quoted by the manu-
facturer, is often considerably less than conventionally as- 

Shoft 
Resistance 

RPOINT 

Figure 53. Discrete-element model of the pile-soil system 
(196). 
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sumed. In a thorough field study of this problem per-
formed by the Michigan State Highway Commission (204), 
average efficiencies of only 25 to 65 percent for steam ham-
mers and 45 to 65 percent for diesel hammers were re-
ported. A somewhat higher average of 73 percent for 
diesel hammers has been reported in another situation 
(205). Moreover, considerable delivered energy variation, 
from blow to blow, has been consistently reported (204, 
206)—in one case as high as ±70 percent from the average. 

This uncertainty can be circumvented by direct measure-
ment of the dynamic force transmitted by the hammer im-
pact. Recent developments in instrumentation have made 
such measurements possible under field conditions, al-
though they require highly specialized personnel. Such 
measurements, combined with measurement of accelera-
tion of pile head under impact, form the basis for an al-
ternate method of analysis of dynamic response of piles 
developed at Case-Western Reserve University (207-209). 
Using pile and soil models similar to those introduced by 
Smith (196) (Figs. 51 and 53), this method computes the 
pile resistance (R) from measured input force and dis-
placement at the pile head. The measured signals are di-
rectly transmitted to a field computer, which displays the 
result immediately following the measurement. The method 
has some attractive features, although it requires highly so-
phisticated electronic instrumentation and specialized per-
sonnel on the site. 

A common weakness of all known methods of analysis 
of pile driving by wave equation lies in the manner in 
which the soil resistance to pile penetration is modelled. 
In conventional pile-soil models (Fig. 53), the soil re-
action is represented by a series of independent rheologi-
cal interface elements, which offer only a crude approxi- 

mation of actual soil response. As described in earlier 
sections of this synthesis, the soil reacts to pile driving as a 
two- or three-phase mass in which the reactions of different 
pile-soil-interface elements are interdependent and related 
to reactions of soil elements located as far as several di-
ameters from the soil-pile interface. There is also complete 
disregard for the nature of effective shear strength devel-
oped at the interface. Thus, phenomena such as increase 
and decrease of driving resistance caused by driving inter-
ruptions (known among practitioners as "freeze" and "re-
laxation") remain outside the reach of the presently known 
methods of analysis. 

In spite of these shortcomings, the wave-equation ap-
proach represents a valuable tool in pile foundation analy-
sis that is far superior to the conventional "pile-formula" 
approach, which considers the pile as a rigid mass expe-
riencing a motion caused by Newtonian impact of a ram 
of weight Wr . The energy delivered in a blow is generally 
expressed as qWh, in which q is the efficiency and h the 
stroke of the hammer. This energy can be equated with 
the sum of energy spent in displacing the pile over a dis-
tance (set) (s) against the soil resistance (R) and the 
energy lost in elastic rebound of the pile, soil, helmet, and 
cushion, as well as in plastic deformations and heat on 
contact surfaces. The lost energy can be expressed as Rc, 
in which c is a constant, having the dimension of length. 
Thus, 

R=!f 	 (81) 
s+c 

This is the well-known, general form of practically all pile 
formulas, a good summary of which can be found in Ref-
erence 19. For example, when 71 = 1 (correct for drop 
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Figure 54. Typical result of wave-equation analysis of 
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hammers) and c = 1 in. (25 mm) (approximately correct 
for average timber piles in sand), the old Engineering News 
formula is obtained. Replacing c with 0.1 in. (2.5 mm) the 
revised Engineering News formula, which was developed 
for single-acting steam hammers is obtained. A more re-
cent Danish formula (210), which shows relatively good 
statistical correlation for piles in sand, replaces c with: 

V 7 WrhL 

= 2AE 	
(82) 

However, these and other formulas of a similar nature 
suffer from the same fundamental weakness—a disregard 
of the true nature of dynamic stress transmission on 
hammer-pile impact. They should not be used as a sub-
stitute for static analysis of bearing capacity or dynamic 
analysis of pile driveability. Nevertheless, observing the 
shapes of actual blow count—pile resistance relationships 
(Fig. 55), it should be clear that formulas of the simplest 
form (Eq. 81) can represent a good approximation of such 
complex relationships. Indeed, it has been known for a 
long time that there exists, for many particular sites in-
volving defined soil conditions, driving equipment, and pile 
type, a single value of c that can provide good correlation 
between observed sets (s) and pile resistances (R). Once 
this value is known, the formula works well, as long as no 
variable in the problem is changed. Thus, the simple Eq. 
81 or its variants can continue to be useful in construction 
control, particularly on smaller jobs. 

LOAD TESTING OF PILES 

In view of the many uncertainties involved in analysis of 
pile foundations, it has become customary, and in many 
cases mandatory, to perform a certain number of full-scale 
pile load tests at the site of more important projects. The 
main purpose of these tests is to verify experimentally that 
the actual pile response to load, as reflected in its load-
displacement relationships, corresponds to the response as-
sumed by the designer and that the actual ultimate load of 

the pile is not less than the computed ultimate load used 
as a basis for foundation design. In some instances com-
parative tests are made on several different pile types to 
select one that best satisfies the requirements for a par-
ticular project. Such conventional tests include the axial 
compressive- and axial tensile-load tests and the lateral load 
tests. 

Typical arrangements for an axial compressive-load test 
are shown in Figures 56 and 57. In Figure 56, the re-
action of the hydraulic jack used to load the pile is trans-
mitted by a reaction beam to a pair of anchor piles. In 
Figure 57 the hydraulic jack reacts against a dead weight, 
such as a water-filled tank or ballast of pig iron, rails, 
bricks, concrete blocks, sand or gravel, stacked on a plat-
form. A combination of the two methods of taking the 
reaction has also been used (39). The load transmitted by 
the jack should preferably be measured by a load cell in-
serted between the jack and the reaction beam or platform. 
Using the measured pressure of the jack fluid (as often was 
done in the past) as the sole measurement of force is not 
sufficiently accurate because of ram friction (213). The 
settlements of a pile head are usually measured directly by 
micrometer dial gages supported by reference beams. An 
alternate method is to use reference wires under constant 
tension supported far enough from the pile to be un-
affected by soil displacements caused by the test loads. It 
is considered good practice to always check those measure-
ments by a leveling instrument, such as a conventional level 
or a laser beam. Settlements of other points on the pile 
axis, useful in determination of load-transfer characteristics 
of the pile, can also be measured directly by means of strain 
rods (tell-tales), which have to be built in the test pile prior 
to driving. Details of strain-rod arrangements for a steel 
and a concrete pile are shown in Fig. 58. The information 
provided by strain-rod measurements can be vital for under-
standing the performance of a particular pile; it should be 
routinely included in pile load testing whenever possible, at 
least for the pile tip. 

To minimize the interference with the test pile, the 

Figure 56. Typical setup for pile load testing in axial compression using anchor piles (214). 
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Figure 57. Typical setup for pile load testing in anal compression using a loading platform  (214). 

reaction piles should be kept at a reasonable distance. 
ASTM standards (214) specify this distance as a mini-
mum of 5 pile diameters; however, theoretical studies 
(215) indicate that this may not always be sufficient and 
recommend 10 pile diameters as the minimum distance. 
The latter distance is also found in some more recent test-
ing specifications (216). Under otherwise identical condi-
tions, a somewhat smaller distance could be allowed for 
deeply seated ground anchors or for the supports of a 
reaction platform. Theoretical estimates of errors that may 
be introduced by using reaction piles and anchors at shorter 
distances can be found in Reference 215. 

Typical arrangement for a tension-load test are shown 
in Figures 59 and 60. The jack reactions in this case can 
always be transmitted directly to the ground across timber 
crib mats or concrete blocks, which must be of adequate 
size to avoid bearing capacity failure of the underlying soil. 
The distance between the mats and the test pile should be 
such that the pile remain outside of the zone of significant 
stress influence of the mats. The mats can be replaced by 
reaction piles, in which case the minimum-distance rules 
set for compressive-load tests apply. The force and dis-
placement measuring devices are basically the same as those 
used in compressive testing. 

A typical arrangement for a lateral-load test is shown in 
Fig. 61. Jacking is usually done against a reaction pile 
or against the cap of a completed pile group. The use of 
a load cell for force measurement is strongly recommended. 
The horizontal displacement and rotation of the pile head 
are measured by means of micrometer dial gages supported 
by a reference beam. To measure rotations at different 
points along the pile axis, inclinometers can be used, at 
least with steel piles. To minimize the interference with 
the test pile, the reaction pile should preferably be at a 
distance of 10 pile diameters. 

Once the experimental setup for pile testing is completed,  

the test is executed according to a prescribed loading pro-
cedure. Two principal modes of load application can be 
used. In the load-controlled (maintained-load) mode, the 
load is applied in increments of, perhaps, 25 percent of the 
design load and maintained at each loading stage until 
the pile settlements cease or reach a specified small rate. In 
the displacement-controlled mode, small increments of set-
tlement of 1 percent of the pile diameter are imposed on the 
pile and maintained until the load reaches equilibrium or 
a specified small rate of decrease with time. A simplified 
version of this mode in which the settlement increments are 
imposed in specified time intervals (e.g., 15 or 30 minutes) 
is called the controlled-rate-of-penetration mode. 

If the loading arrangements are such that the pile is set 
into continuous movement at a constant speed, while the 
force is measured, the pile is loaded in what is called the 
constant-rate-of-penetration mode. Typically constant rates 
between 0.01 and 0.10 in./min (0.25 to 2.5 mm/mm) have 
been recommended for piles in different soil types. Most 
prescribed loading procedures include one or several un-
load cycles, which allow the determination of permanent 
(plastic) deformation under given load. It is recommended 
that provisions be made to carry the test until the ultimated 
load of the pile is obtained; however, most common stan-
dards require that the test be carried to only twice the 
design load. 

The relative merits of the conventional load-controlled 
testing mode, as opposed to the relatively newer controlled-
or constant-rate-of-penetration mode, have been discussed 
in the literature. (See, for example, 217 and 218.) It may 
be argued that the load-controlled mode better simulates 
the actual conditions under which most foundation piles 
approach failure. That mode also allows a better estimate 
of deformation characteristics of the pile under short-term 
loading conditions. However, comparative studies (217, 
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Figure 58. Typical setup for measurement of pile displacements (214). 

218) show that the ultimate loads determined by the two 
methods are practically the same. It is also well established 
that the conventional load-testing method, however slow 
and time-consuming, does not give information about long-
term settlements of the pile. Thus, the distinct advantages 
of the controlled-rate-of-penetration mode (simplicity and 
considerable time saving) make that method more attrac-
tive for general use in engineering practice. Its recent intro-
duction in ASTM standards as an acceptable alternative to 
the load-controlled method will allow its wider application. 

It is important to note here that the response of a driven 
pile in a load test can be greatly affected by the time  

elapsed between driving and testing. As explained in earlier 
sections, the gain in pile-bearing capacity with time is gov-
erned by the rate of dissipation of pore-water stresses 
through the surrounding soil mass, which, in turn, depends 
on time factor given by Eq. 12. Most existing codes pre-
scribe a minimum waiting period between driving and test-
ing not exceeding one month. Although this requirement 
may be adequate for piles in relatively pervious soils, such 
as sands and inorganic silts, it is obviously not sufficient for 
piles in clay, particularly if they are of larger size (cf. 
Fig. 13). Because it may be impractical to prescribe longer 
waiting periods, an estimate of additional gains in bearing 
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capacity between pile testing and application of service 
loads may be in order. Equally important at all times is 
to keep in mind the differences in over-all behavior and 
load response of a single pile as compared with that of a 
pile in a group. Consequently, load testing of piles can 

NOT LESS I 

THAN 8' 	
roncc RAM  

never be used as a substitute for an engineering analysis 
of the pile's anticipated performance under load. Such an 
analysis should be based on principles discussed in this 
synthesis and must include an adequate soil exploration 
and testing program. 
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Figure 59. Typical setup for pile load testing in tension using direct jacking with straps (214). 
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Figure 60. Typical setup for pile load testing in tension using cross-beams (214). 



55 

ano 	 16'— 10" 

Spherical Bearing Block 
100 Ton Jack 
	

cal Bearing Block 
Lood Cell 	 Shim F. 12'42"xI/2" 

[
FL 12"x12"xI" 	

IP. 12"x12"x I" 

I1-1/2'0.DtSte, 
Pipe  I  

Piono Wire 
6" Rule 

I" Shim- 
Deflection Dia l 	 - 

t  I 

Lr_i_.1J  

Piano Wire 

r'Shim 	6" Rule 

Deflection Dial 

to 
k-FL 2O"x2O"xI" 

'U 

Shim.\ / rshim 
II 1- 

1k-8W lfrl FL-' 	If I> It 1/4" FL 

Slag 

Figure 61. Typical setup for lateral load tests (145). 

REFERENCES 

VESI& A. S., "Bearing Capacity of Shallow Founda-
tions." Handbook of Foundation Engineering, Win-
terkorn, H., and Fang, H. Y., eds., Van Nostrand, 
New York (1974) pp. 121-47. 
PERLOFF, W. H., "Pressure Distribution and Settle-
ment." Handbook of Foundation Engineering, edited 
by H. Winterkorn and H. Y. Fang, Van Nostrand, 
New York (1974) pp.  148-96. 
GRANT, E. L., and IREs0N, W. G., Principles of En-
gineering Economy. 5th ed., Ronald Press, New 
York (1964). 
TOMLINSON, M. J., Foundation Design and Con-
struction. Wiley, New York (1964). 
THORNLEY, J. H., Foundation Design and Practice, 
An Economic View. Columbia Univ. Press, New 
York (1959) 298 pp. 
LAURSEN, E. M., "Scour at Bridge Crossings." Trans. 
ASCE, Vol. 127, Part 1, Paper 3294 (1962) pp. 
166-209. 
"Scour at Bridge Waterways." NCHRP Synthesis of 
Highway Practice 5 (1970) 37 pp. 
NEILL, C. R., ed., Guide to Bridge Hydraulics. Univ. 
of Toronto Press (1973) 191 pp. 
KOMORNIK, A., and ZEITLEN, J. G., "Deformations  

and Moisture Movements in Expansive Clays." Proc. 
5th Internatl. Conf.  Soil Mech. Found. Engrg., Vol. 
1, Paris (1961) pp. 873-79. 
BLIGHT, G. E., "The Time Rate of Heave of Struc-
tures on Expansive Soils." Moisture Equilibria and 
Moisture Changes in Soils Beneath Covered Areas, 
Butterworths, Sydney (1965) pp. 78-81. 
RICHARDS, B. G., "An Analysis of Subgrade Condi-
tions at the Horsham Experimental Road Site." 
Moisture Equilibria and Moisture Changes in Soils 
Beneath Covered Areas, Butterworths, Sydney (1965) 
pp. 243-46. 
AITcHIs0N, G. D., and WOODBURN, J. A., "Soil Suc-
tion in Foundation Design." Proc. 7th Internail. 
Conf. Soil Mech. Found. Engrg., Vol. 2, Mexico 
City (1969) pp.  1-8. 
MARIOTTI, M., and KHALID, R., "Comportement de 
Pieux dans des Sols Surconsolidés Expansifs." Proc. 
7th Internatl. Conf. Soil Mech. Found. Engrg., Vol. 
2, Mexico City (1969) pp. 165-72. 

14. KOMORNIK, A., and ZEITLEN, J. G., "Effect of Swell-
ing Soils on Piles." Proc. 8th Internatl. Conf. Soil 
Mech. Found. Engrg., Vol. 2.2, Moscow (1973) 
pp. 123-28. 



zi 

15. PouLos, H. G., and DAvis, E. H., "Theory of Piles 	31. Vesiá, A. S., "On Penetration Resistance and Bear- 
in Swelling and Shrinking Soils." Proc. 8th Internati., ing Capacity of Piles in Sand." Discussion, Session 3, 
Conf. Soil Mech. Found. Engrg., Vol. 2.2, Moscow 8th Internatl. Conf. Soil Mech. Found. Engrg., Vol. 
(1973) pp.  169-76. 4-2, Moscow (1973) pp. 78-81. 

16. PENNER, E., and GOLD, L. W., "Transfer of Heaving  AL-AWKATI, Z., "On Problems of Soil Bearing Ca- 
Forces by Adfreezing to Columns and Foundation pacity at Depth." 	Ph.D. dissertation, Duke Univ., 
Walls in Frost-Susceptible Soils." Canadian Geotech. Durham, N.C. (1975). 
Jrnl., Vol. 8, No. 4 (1971) pp.  514-26.  Rouiuç T. L., "Model Studies of a Pile Failure Sur- 

17. ALLEN, J., and HUCK, R. W., "Frost Heaving of Piles face in a Cohesive Soil." 	Master's thesis, Georgia 
in Permafrost." Civil Engrg., Vol. 42, No. 4 (Apr. Inst. Tech., Atlanta (1961). 
1972) pp.  77-9. 34. LADANYI, B., "Etude théorique et expérimentale de 

18. PECK, R. B., HANSON, W. E., and TH0RNBURN, T. H., l'expansion 	dans un sol pulvérulent 	d'une 	cavité 
Foundation Engineering. 2nd ed., Wiley, New York 

présentant une symétrie sphérique ou cylindrique." 
(1974) 514 pp. 

Annales des Travaux Publics de Belgique, Vol. 62 19. CHELLIS, R. D., Pile Foundations. 2nd ed., McGraw- (1961) pp. 105-48, 365-406. 

20. 
Hill, New York (1964) 704 pp. 
GRAND, B. E., "Types of Piles: 	Their Characteris- 

35. BCP Committee (Koizumi, Yoshimi, et al.), "Field 

tics and General Use." Hwy. Res. Record No. 333 
Tests on Piles in Sand." 	Soils and Foundations, 
Vol. 11, No. 2, (June 1971) pp. 29-49. 

21. 
(1970) pp.  315. 
PECK, R. B., "Bearing Capacity and Settlement: Cer- 

 VESIé, A. S., "Expansion of Cavities in Infinite Soil 

tainties and Uncertainties." 	Bearing Capacity and 
Mass." Jrnl. Soil Mech. Found. Div., ASCE, Vol. 98, 

Settlement of Foundations, Proc. Symposium, Duke No. SM3, Proc. Paper 8790 (Mar. 1972) pp. 265-90. 

Univ., Durham, NC., Apr. 5-6, 1965 pp. 3-8.  VESI, A. S., and CLOUGH, G. W., "Behavior of 

22. BURLAND, J. B., and WROTH, C. P., "Settlements of Granular Materials Under High Stresses." Jrnl. Soil 

Buildings and Associated Damage." 	Review Paper, Mech. Found. Div., ASCE, Vol. 94, No. SM3, Proc. 

Session 5, Conf. on Settlement of Structures, Cam- Paper 5954 (May 1968) pp. 661-88. 

bridge, England, Wiley (1974) pp.  611-54. 38. VESIé, A. S., "Model Testing of Deep Foundations 
23. VAN DER VEEN, C., "The Bearing Capacity of a Pile." in Sand and Scaling Laws." Panel Discussion, Ses- 

Proc. 3rd Internatl. Conf. Soil Mech. Found. Engrg., sion II, Proc., North Amer. Conf. Deep Foundations, 

Vol. 2, Zurich (1953) pp. 84-90. (Congreso 	Sobre 	Cimentos 	Profundos) 	Vol. 	II, 
24. VESIé, A. S., "Load Transfer, Lateral Loads and Mexico City (1964) pp. 525-33. 

Group Action of Deep Foundations." Performance 39. Vnsié, A. S., "Tests on Instrumented Piles, Ogeechee 
of Deep Foundations, ASTM Spec. Tech. Pubi. No. River Site." 	Jrnl. Soil Mech. Found. Div., ASCE, 
444 (1969) pp. 5-14. Vol. 96, No. SM2, Proc. Paper 7170 (Mar. 1970) 

25. SZCHY, C., "A More Exact Evaluation of Pile Test pp. 561-84. 

Loadings." 	Acta Technica Academiae Scientiarum 40. SULAIMAN, I. H., and COYLE, H. M., "Predicted Be- 
Hungaricae, Vol. XXXIV, No. 3-4 (1961) pp.  445 havior of Axially Loaded Piles in Sand." 3rd Ann. 
si. Offshore Tech. Conf., Houston, Paper No. 	1482 

26. VEslé, A. S., "Bearing Capacity of Deep Foundations (1971) 10 pp. 

in Sand." 	Hwy. Res. Record No. 39 (1963) pp. 41. TOUMA, F. T., and REESE, L. C., "Behavior of Bored 
112-53. Piles in Sand." Jrnl. Geotech. Div., ASCE, Vol. 100 

27. DE BEER, E. E., "Proefondervindelijke bijdrage tot No. GT7, Proc. Paper No. 10651 (July 1974) pp, 

de studie van het grandsdraagvermogen van zand 749-61. 

onder funderingen op staal." Annales des Travaux  TOMLINSON, M. J., "The Adhesion of Piles Driven 
Publics de Belgique, No. 6, pp.  481-506 	(1967); in Clay Soils." Proc., 41h Internatl. Conf. Soil Mech. 
No. 1, pp. 41-88; No. 4, pp. 321-60; No. 5, pp. 395 Found. Engrg., Vol. 2, London (1957) pp. 66-71. 
442; No. 6, pp. 495-522 (1968); abbrev. English  SKEMPTON, 	A. 	W., 	"Cast-in-situ 	Bored 	Piles 	in 
version, Geotechnique, Vol. 20, No. 4 (1970) pp. London Clay." Geotechnique, Vol. IX (Dec. 1959) 
387-411. pp. 153-73. 

28. KERISEL, J., and ADAM, M., "Fondations profon- 44. VEsié, A. S., "A Study of Bearing Capacity of Deep 
des." Annales de l'Institut Techniue du Bâtiment et Foundation." Final Report, Project B-189, Georgia 
des Travaux Publics, (Nov. 1962) pp.  1054-81. Inst. Tech., Atlanta (1967) pp. 231-6. 

29. VEslé, A. S., "Ultimate Loads and Settlements of  CHANDLER, R. J., "Discussion, Session A." Symp. on 
Deep Foundations in Sand." Bearing Capacity and Large Bored Piles, Inst. Civil Engrs., London (1966) 
Settlement of Foundations, Proc. Symposium, Duke pp. 957. 
Univ. Apr. 5-6, 1965, pp. 53-68.  CHANDLER, R. J., "The Shaft Friction of Piles in 

30. AL-AWKATI, Z., and Vnsid, A. S., "Effect of Lateral Cohesive Soil in Terms of Effective Stress." 	Civil 
Pressure on Penetration Resistance and Bearing Ca- Engrg. Public Works Rev., Vol. 63 (Jan. 1968) pp. 
pacity of Piles." Paper presented at ASCE Annual 48-51. 
Meeting, Houston (1972). 47. VESIé, A. S., "Discussion, Session 2." 	7th Internatl. 



57 

Conf. Soil Mech. Found. Engrg., Vol. 3, Mexico City 
(1969) pp. 242-4. 
CUMMINGS, A. E., KERKHOFF, G. 0., and PECK, 
R. B., "Effect of Driving Piles into Soft Clay." Trans. 
ASCE, Vol. 115 (1950) pp. 275-86. 
BJERRUM, L., BRINCH HANSEN, J., and SEVALDSON, 
R., "Geotechnical Investigations For a Quay Struc-
ture in Horten." Pub!. No. 28, Norwegian Geotech. 
Inst. (1958) pp. 1-17. 
SODERBERG, L. 0., "Consolidation Theory Applied to 
Foundation Pile Time Effects." Géoiechnique, Vol. 
XII, No. 3 (Sept. 1962) pp.  217-25. 
McCleIland Engineers, "Additional Soil Investiga-
tion, Pile Research Program, Block 100, Eugene 
Island Area." Report to Shell Oil Co. (1969). 
STEVENS, R. F., "The Applicability of Wave Equa-
tion Analysis to Offshore Pile Driving Problems." 
Master's thesis, Duke Univ., Durham, N.C. (1974). 
BURLAND, J. B., "Shaft Friction of Piles in Clay-
A Simple Fundamental Approach." Ground Engrg., 
Vol. 6, No. 3 (May 1973) pp.  30-42. Reprinted as 
Building Research Establishment Current Paper 33. 
TOMLINSON, M. J., "Some Effects of Pile Driving on 
Skin Friction." Behavior of Piles, Inst. Civil Engrs., 
London (1971) pp. 107-14. 
SANGLERAT, G., "The Penetrometer and Soil Explo-
ration." Elsevier, Amsterdam (1972). 
DE BEER, E. E., "The Scale Effect in the Transposi-
tion of the Results of Deep Sounding Tests on the 
Ultimate Bearing Capacity of Piles and Caisson 
Foundations." Geotechnique, Vol. XI, No. 1 (Mar. 
1963) pp.  39-75. 
DE BEER, E. E., "Methodes de deduction de la 
capacité portante d'un pieu a partir des résultats des 
essais de pénétration." Annales des Travaux Publics 
de Belgique, Vol. 73, No. 4, 5, 6 (197 1-72). 
MEYERHOF, G. G., "Penetration Tests and Bearing 
Capacity of Cohesionless Soils." Proc. ASCE, Vol. 
82, No. SM1, Paper No. 866 (1956) 19 pp. 
MEIGH, A. C., and NIXON, I. K., "Comparison of 
in-situ Tests of Granular Soils." Proc. 5th Internatl. 
Conf. Soil Mech. Found. Engrg., Vol. 1, Paris (1961) 
pp. 499-502. 
SUTHERLAND, H. B., "The Use of In-situ Tests to 
Estimate the Allowable Bearing Pressure of Co-
hesionless Soils." Structural Engr., Vol. 41, No. 3 
(Mar. 1963) pp.  85-92. 
SCHULTZE, E., and MELZER, K. J., "The Determina-
tion of the Density and the Modulus of Compressi-
bility of Non-Cohesive Soils by Soundings." Proc. 
6th Internatl. Conf. Soil Mech. Found. Engrg., Vol. 
1, Montreal (1965) pp. 354-8. 
DEMELLO, V. F. B., "The Standard Penetration 
Test." Proc. 4th Panamer. Conf. Soil Mech. Found. 
Engrg., San Juan (1971) pp.  1-86. 
VESIé, A. S., Unpublished research on penetration 
resistance of soils, Duke Univ., Durham, N.C. 
(1975). 
CROWTHER, C. L., "Development of Deep Cone 
Penetrometers for Use in Silty Soils of Georgia Pied- 

mont." Master's thesis, Georgia Inst. Techn., At-
lanta (1963). 
SEROTA, S., and LOWTHER, 0., "SPT Practice Meets 
Critical Review." Ground Engrg., Vol. 6, No. 1 
(Jan. 1973) pp.  20-2. 
GREGERSEN, 0. S., AAS, G., and DIBIAGGIO, E., 
"Load Tests on Friction Piles in Loose Sand." Proc. 
8th Internatl. Conf. Soil Mech. Found. Engrg., Vol. 
2.1, Moscow (1973) pp.  109-17. 
MEIGH, A. C., and NIXON, I. K., "Comparison of 
In-situ Tests for Granular Soils." Proc. 51h Intern ati. 
Conf. Soil Mech. Found. Engrg., Vol. 1, Paris (1961) 
pp. 499-507. 
WROTH, C. P., and HUGHES, J. M. 0., "An Instru-
ment for In-situ Measurement of the Properties of 
Soft Clays." Proc. 8th Internatl. Conf. Soil Mech. 
Found. Engrg., Vol. 1, Moscow (1973) pp.  487-94. 
BAGUELIN, F., et al., "Expansion of Cylindrical 
Probes in Cohesive Soils." Jrnl. Soil Mech. Found. 
Div., ASCE, Vol. 98, No. SM 11 (1972) pp.  1129-
42. 
TOMLINSON, M. J., personal communication (1973). 
TAvENAS, F., "Load Test Results on Friction Piles in 
Sand." Canadian Geotech. Jrnl., Vol. 8, No. 1 (Feb. 
1971) pp. 7-22. 
O'NEILL, M. W., and REESE,.L. C., "Behavior of 
Bored Piles in Beaumont Clay." Jrnl. Soil Mech. 
Found. Div., ASCE, Vol. 98, No. SM2 (Feb. 1972) 
pp. 195-213. 
FRANCIS, A. J., SAVORY, N. R., STEVENS, L. K., and 
TROLLOPE, D. H., "The Behaviour of Slender Point-
Bearing Piles in Soft Soil." Symp. on Design of Tall 
Buildings, Univ. of Hong Kong (Sept. 1961) pp. 
25-50. 
KÜISEL, J., and ADAM, M., "Charges Limites d'un 
Pieu en Milieux Argileux et Limoneux." Proc. 7th 
Internati. Conf. Soil Mech. Found. Engrg., Vol. 2, 
Mexico City (1969) pp.  131-9. 
HUNTER, A. H., and DAVISSON, M. T., "Measure-
ments of Pile Load Transfer." ASTM Spec. Tech. 
Publ. 444 (1969) pp.  106-17. 
Amer. Railway Engrg. Assn., "Steel and Timber Pile 
Tests-West Atchafalaya Floodway-New Orleans, 
Texas & Mexico Railway." Proc. 50th Annual Con-
vention AREA, Vol. 52, Chicago (1951) pp.  149-
202. 
J0HANNEsSEN, I. J., and BJERRUM, L., "Measure-
ment of the Compression of a Steel Pile to Rock due 
to Settlement of the Surrounding Clay." Proc. 6th 
internati. Conf. Soil Mech. Found. Engrg., Vol. II, 
Montreal (1965) pp.  261-4. 
ENDO, M., MINOU, A., KAWASAKI, T., and SHIBATA, 
T., "Negative Skin Friction Acting on Steel Pipe Pile 
in Clay." Proc. 7th Internatl. Conf. Soil Mech. 
Found. Engrg., Vol. 2, Mexico City (1969) pp. 
85-92. 
FELLENIUS, B. H., and BROMS, B. B., "Negative Skin 
Friction for Long Piles Driven in Clay." Proc. 7th 
Internatl. Conf. Mech. Found. Engrg., Vol. 2, Mexico 
City (1969) pp.  93-8. 



58 

80. BozozuK, M., "Field Observations of Negative Skin Mech. Found. Div., ASCE, Vol. 89, No. SM2 (Mar. 
Friction Loads on Long Piles in Marine Clay." Proc. 1963) pp. 1-25. 
Conf. on Design and Installation of Pile Foundations 95. THURMAN, A. G., and D'APPOLONIA, E., "Computed 
and Cellular Structures, Lehigh Univ., Envo Pub- Movement of Friction and End-Bearing Piles Em- 
lishing Co. (Apr. 1970) pp. 273-9. bedded in Uniform and Stratified Soils." Proc. 6th 

81. GARLANGER, J. E., "Prediction of the Downdrag Internati. Conf. Soil Mech. Found. Engrg., Vol. II, 
Load at Cutler Circle Bridge." Symposium on Down- Montreal (1965) pp. 223-327. 
drag of Piles, Mass. Inst. Tech., Bostq 	(Mar. 1973) 96. SALAS, J. A. J., and BELZUNCE, J. A., "Resolution 
16 pp. théorique de Ia 	distribution des forces 	dans 	des 

82. WALKER, L. K., and DARVALL, P. L. P., "Dragdown pieux." Proc. 61h Internatl. Conf. Soil Mech. Found. 
on Coated and Uncoated Piles." Proc. 8th Internatl. Engrg., Vol. II, Montreal (1965) pp.  309-13. 
Conf. Soil Mech. Found. Engrg., Vol. 2.1, Moscow 97. PICHUMANI, R., and D'APPOLONIA, E., "Theoretical 
(1973) pp.  257-62. Distribution of Loads among the Piles in a Group." 

83. BozozuK, M., "Downdrag Measurements on a 160-ft Proc. 3rd Pan American Conf. Soil Mech. Found. 
Floating Pipe Test Pile in Marine Clay." Canadian Engrg., Vol. I, Caracas, Venezuela (July 1967) pp. 
Geotech. Jrnl., Vol. 9, No. 2 (May 1972) pp.  127-36. 547-64. 

84. COGNON, J. M., "Measure in situ du frottement nega- 98. POULOS, H. G., and DAVIS, E. H., "The Settlement 
tif." Annales de l'Insiitut Technique du Bâtiment et Behavior of Single Axially Loaded Incompressible 
des Travaux Publics, No. 293 (May 1972) 12 pp. Piles and Piers." 	Geotechnique, Vol. XVIII, No. 3 

85. BUISSON, M., AHU, J., and HABIB, P., "Le frottement (Sept. 1968) pp. 35 1-71. 
negatif." 	Annales de l'Institut Technique du Bati- 99. Pouos, H. G., "Analysis of the Settlement of Pile 
ment et des Travaux Publics, Vol. 13, No. 145, (Jan. Groups." 	Geotechnique, Vol. XVIII, No. 4 (Dec. 
1960) pp. 29-46. 1968) pp. 449-71. 

86. BJERRUM, L., JOHANNESSEN, I. J., and EIDE, 0., 100. MATTES, N. S., and POULOS, H. G., "Settlement of 
"Reduction of Negative Skin Friction of Steel Piles Single Compressible Pile." Jrnl. Soil Mech. Found. 
to Rock." 	Proc. 7th Internatl. Conf. Soil Mech. Div., ASCE, Vol. 95, No. SM1 	(Jan. 1969) pp. 
Found. Engrg., Vol. II, Mexico (1969) pp.  27-34. 189-207. 

87. CLAESSEN, A. I. M., and HORVAT, E, "Reducing  POULOS, H. G., and MATTES, N. S., "The Behavior 
Negative Friction with Bitumen Slip Layers." Jrnl. of Axially Loaded End-Bearing Piles." Geotechnique, 
Geotech. Engrg. Div., ASCE, Vol. 100, No. GT8 Vol. XIX, No. 2 (June 1969) pp.  285-300. 
(Aug. 1974) pp.  925-44.  POULOS, H. G., and MATTES, N. S., "Settlement and 

88. HUTCHINSON, J. N., and JENSEN, E. V., "Loading Load Distribution Analysis of Pile Groups." 	Aus- 
Tests on Piles at Port of Khorrarnshahr and Observa- tralian Geomech. Jrnl., Vol. 1 (1971) pp.  18-28. 
tions on the Effect of Bitumen Coatings on Shaft 103. POULOS, H. G., and MATTES, N. S., "Displacements 
Bearing Capacity." Norwegian Geotech. Inst. Pub!, in a Soil Mass Due to Pile Groups." 	Australian 
78, Oslo (1968). Geomech. Jrnl., Vol. 1 (1971) pp.  29-35. 

89. SEED, H. B., and REESE, L. C., "Action of Soft Clay 104. POULOS, H. G., and MATTES, N. S., "Settlement of 
along Friction Piles." Proc. ASCE, Vol. 81, Paper Pile Groups Bearing in Stiffer Strata," Jrnl. Geotech. 
No. 842 (1955) pp.  1-28. Engrg. Div., ASCE, Vol. 100, No. GT2 (Feb. 1974) 

90. REESE, L. C., "Load versus Settlement for an Axially pp. 185-89. 
Loaded Pile." Proc. Syinp. Bearing Capacity of Piles, 105. BEGEMANN, H. K. S., "Negative Skin Friction of a 
Part 2, 	Central 	Bldg. 	Res. 	Inst., 	Roorkee, 	India Single Pile." Paper No. 1, Spec. Session on Negative 
(Feb. 	1964) 	pp. 	18-38. Skin Friction and Settlements of Pile Foundations, 

91. COYLE, H. M., and REESE, L. C., "Load Transfer for 7th Intern. Conf. Soil Mech. Found. Engrg., Mexico 
Axially Loaded Piles in Clay." 	Jrnl. Soil Mech. City (1969). 
Found. Div., ASCE, Vol. 92, No. SM2 (Mar. 1966) 106. VERRUJT, A., "A Simplified Elastic Method for the 
pp. 1-26. Calculation of Negative Skin Friction on Piles." 

92. REESE, L. C., HUDSON, W. R., and VIJAYVERGIYA, Paper No. 5, Specialty Session on Negative Skin 
V. N., "An Investigation of the Interaction between Friction and Settlements of Piled Foundations, 7th 
Bored Piles and Soil." Proc. 7th Internatl. Conf. Soil Intern. Conf. Soil Mech. Found. Engrg., Mexico City 
Mech. Found. Engrg., Vol. 2, Mexico City (1969) (1969). 

pp. 211-15. 107. DE BEER, 	E. 	E., 	"Berekening van de 	negatieve 
93. HOLLOWAY, D. M., CLOUGH, G. W., and VESIé, wrijving OP palen." Annales des Travaux Publics de 

A. S., "Mechanics of Pile-Soil Interaction in Co- Belgique (Dec. 1966). 

hesjonless Soil." Contract Rept. S-75-5, U.S. Army 108. ZEEvAERT, L., "Reduction of Point Bearing Capacity 
Waterways 	Experiment Station, 	Vicksburg, 	Miss, of Piles Because of Negative Friction." 	Proc. 1st 
(1975). 	Available as Duke Soil Mechanics Series Panam. Conf. Soil Mech. Found. Engrg., Vol. 3, 
No. 39, 280 pp. Mexico City (1959) pp. 1145-51. 

94. D'APPOLONIA, E., 	and ROMUALDI, 	J. 	P., 	"Load 109. GRILLO, 0., "Influence Scale and Influence Chart for 
Transfer in End-Bearing Steel H-Piles." 	Jrnl. Soil the Computation of Stresses Due, Respectively, to 



59 

Surface Point Load and Pile Loads." Proc. 2nd mt. Groups in Sand." Jrnl. Soil Mech. Found., Vol. 99, 
Con!. Soil Mech. Found. Engrg., Rotterdam (1948) SM2, ASCE (Feb. 1973) pp.  199-217. 
pp. 70-3. 127. WHITAKER, T., "Experiments with Model Piles in 

110. ELLIs0N, 	R. 	D., 	"An 	Analytical 	Study 	of 	the Groups." Geotechnique, Vol. 7 (1957) pp.  147-167. 
Mechanics of Single Pile Foundations." 	Master's 128. SAFFERY, M. R., and TATE, A. P. K., "Model Tests 
thesis, 	Carnegie-Mellon 	Univ., 	Pittsburgh, 	Pa. on Pile Groups in a Clay Soil with Particular Ref- 
(1968). erence to the Behavior of the Group when it is 

111. ELLISON, 	R. 	D., 	D'APPoLoNIA, 	E., 	and THIERS, Loaded Eccentrically," Proc. 5th Intern. Con!.  Soil 
G. R., "Load-Deformation Mechanism for Bored Mech. Found. Engrg., Vol. 2, Paris (1961) pp.  129- 
Piles." Jrnl. Soil Mech., Vol. 97, No. SM4, ASCE 134. 
(Apr. 1971) pp.  661-78. 129. SOWERS, G. F., MARTIN, C. B., WILSON, L. L., and 

 POULOS, H. G., and DAVIS, E. H., "Prediction of FAUSOLD, M., "The Bearing Capacity of Friction Pile 
Downdrag Forces in End-Bearing Piles." Res. Rept. Groups in Homogeneous Clay from Model Studies." 
R247, Univ. of Sidney (July 1974) 48 pp. Proc. 5th Intern. Con!. Soil Mech. Found. Engrg., 

 MINDLIN, R. D., "Force at a Point in the Interior of Vol. 2, Paris (1961) pp.  155-9. 
a Semi-Infinite Solid." 	Physics, Vol. 7 (1936) 	pp. 130. SKEMPTON, A. W., YASSIN, A. S., and GIBSON, R. E., 
195-202. "Théorie de Ia force portante des pieux," Annales de 

114. BURLAND, J. B., and Loiw, J. A., "Discussion," Ses- l'Institut 	Technique du Bátiment et des Travaux 
sion A, Conference on In-Situ Investigations in Soils Publics, Vol. 6, Nos. 63-64 (1953) pp.  285-90. 
and Rocks, London 1969 (British Geotechnical So- 131. MEYERHOF, G. G., "Compaction of Sands and Bear- 
ciety) pp.  6 1-5. ing Capacity of Piles." Jrnl. Soil Mech. Found., Vol. 

115. POULOS, H. G., "Load-Settlement Prediction of Piles 85, No. SM6, ASCE (Dec. 1959) pp.  1-29. 
and Piers." 	Jrnl. Soil Mech. Found., Vol. 98, No. 132. LEONARDS, G. A., "Settlement of Pile Foundations in 
SM9, ASCE (Sept. 1972) pp.  879-97. Granular Soil." Proc.-Performance of Earth and 

116. WHITAKER, T., and COOKE, R. W., "An Investiga- Earth-Supported Structures, Vol. 1, Part 2, ASCE 
tion of the Shaft and Base Resistances of Large Spec. Conf., Purdue Univ. (1972) pp.  1169-84. 
Bored Piles in London Clay." Proc. Symp. on Large 133. KOERNER, R. M., and PARTOS, A., "Settlement of 
Bored Piles, Inst. Civil Engrs., London (1966) pp. Building on Pile Foundation in Sand." Jrnl. Geotech., 
7-49. Vol. 100, GT 3, ASCE (Mar. 1974) pp. 265-78. 

117. MOORHOUSE, D. C., and SHEEHAN, J. V., "Predict- 134. MANSUR, C. I., and HUNTER, A. H., "Pile Tests- 
ing Safe Capacity of Pile Groups." 	Civil Engrg., Arkansas River Project." Jrnl. Soil Mech. Found., 
Vol. 38, No. 10, ASCE (Oct. 1968) pp.  44-8. Vol. 96, SM5, ASCE (Sept. 1970) 	pp. 	1545-82. 

118. TERZAGHI, K., and PECK, R. B., Soil Mechanics in 135. BRAND, E. W., MUKTABHANT, C., and TAECHATHUM- 
Engineering Practice. 	Wiley, New York (1948). MARAK, A., "Load Tests on Small Foundations in 

119. MEYERHOF, G. G., "Recherches sur la force por- Soft Clay." Proc.-Performance of Earth and Earth- 
tante des pieux." Annales de l'Institut Technique du Supported Structures," Vol. 1, Part 2, ASCE Spe- 
Bailment et des Travaux Publics, Vol. 6, Nos. 63-64 cialty Conference, Purdue Univ. (1972) pp.  903-28. 
(1953) pp.  371-4. 136. KoizuMi, Y., and ITO K., "Field Tests with Regard 

 SCHLITT, H. G., "Group Pile Loads in Plastic Soils." to Pile Driving and Bearing Capacity of Pile Foun- 
Proc. 31st Ann. Hwy. Res. Board Meeting, Vol. 31, dations." Soils Found., Vol. VII, No. 3 (Aug. 1967) 
Washington, D.C. (1952) pp.  62-81. pp. 30-53. 

 PRESS, H., "Die Tragfahigkeit von Pfahlgruppen in 137. HETNYI, M., Beams on Elastic Foundations, Univ. 

Beziehung zü der des Einzelpfahles." 	Bautechnik, of Michigan Press, Ann Arbor (1946) 255 pp. 

Vol. 11 	(1933) pp.  625-7. 138. RIFAAT, J., "Die Spundwand als Erddruckproblem." 

122. Kzni, A., "The Bearing Capacity of Piles and Pile Ph.D. dissertation ETH Zurich (1935) (Leemann). 

Groups." Proc. 4th Intern. Con!. Soil Mech. Found. 139. PALMER, L. A., and THOMPSON, J. B., "Horizontal 
Engrg., Vol. II, London (1957) pp. 46-51. Pressures on Pile Foundation." 	Proc., 2nd Intern. 

123. BEREZANTSEV, V. G, KHIUsT0FOROv, V. S., and Con!. Soil Mech. Found. Engrg., Vol. 5, Rotterdam 

GOLUBKOV, V. N., "Load Bearing Capacity and De- (1948) Vol. 5, pp.  156-161. 

formation of Piled Foundations." Proc. 5th Intern. 140. BARBER, E. S., Discussion. 	Symposium on Lateral 
Con!. 	Soil Mech. 	Found. Engrg., 	Vol. 	II, 	Paris Load Tests on Piles-A STM Spec. Techn. Pubi. No. 
(1961) 	pp. 	11-5. 154 (1954) pp. 96-9. 

124. VESIé, A. S., "Experiments with Instrumented Pile 141. REESE, L. C., and MATLOCK, H., Non-dimensional 
Groups in Sand." Performance of Deep Foundations Solutions for Laterally Loaded Piles with Soil Modu- 
-ASTM Spec. Tech. Publ. No. 444 (1969) pp. lus Assumed Proportional to Depth. Proc. 8th Texas 
177-222. Con!. Soil Mech. Found. Engrg. (1956) pp. 1-41. 

125. KIsHIDA, H., "Ultimate Bearing Capacity of Piles 14. VESIé, A. S., unpublished research on lateral re- 
Driven into Loose Sand." 	Soils and Foundations, sistance of piles (1975). 
Vol. VII, No. 3 (Aug. 1967) pp. 20-9. 143. DAVISSON, M. T., and GILL, H. L:, "Laterally Loaded 

126 TEJCHMAN, A: F., "Model Investigations of Pile Piles in a Layered Soil System; Jrnl. Soil Mech. 



60 

Found., Vol. 89, SM3, ASCE (1963) pp. 63-94. 	161. PRAICASH, S., "Behavior of Pile Groups Subjected to 
144. TERZAGHI, K., "Evaluation of Coefficients of Sub- Lateral Loads." Ph.D. dissertation, Univ. of Illinois, 

grade Reaction." 	Geotechnique 5, No. 4 	(1955) Urbana (1961) 229 pp. 
pp. 297-326. 162. GLESER, S. 	M., 	"Lateral Load Tests on Vertical 

145. DAvlssoN, M. T., and SALLEY, J. R., "Model Study Fixed-head and Free-head Piles." Symp. on Lateral 
of Laterally Loaded Pile," Jrnl. Soil Mech. Found., Load Tests on Piles-A STM Spec. Tech. Publ. No. 
Vol. 96, 5M5, ASCE (Sept. 1970) pp.  1605-27. 154, pp. 75-93. 

146. ALIZADEH, M., and DAvIssoN, M. T., "Lateral Load 163. KIM, J. B., ET AL., "Lateral Load Tests on Full-Scale 
Tests on Piles-Arkansas River Project." Jrnl. Soil Pile Groups in Cohesive Soils." Final report, Penn- 
Mech. Found., Vol. 96, SM5, ASCE (Sept. 1970) sylvania Dept. of Highways Proj. 68-25, Bucknell 

147. 
pp. 1583-1604. 
BOTEA, E., MANOLIU, I., and ABRAMESCIJ, 1., "Large 

Univ., Lewisburg (1973) 163 pp. 
164. "Bending HEYMAN, L., and BOERSMA, L., 	Moments 

Diameter Piles Under Axial and Lateral Loads." in Piles Due to Lateral Earth Pressure." Proc. 5th 
Proc. 8th Intern. Conf. Soil Mech. Found. Engrg., Intern. Conf. Soil Mech. Found. Engrg., Vol. 2, Paris 
Vol. 2.1, Moscow (1973) pp.  27-32. (1961) pp.  425-29. 

148. ADAMS, J. J., and RADAKRISHNA, H. S., "The Lateral 165. HEYMAN, L., "Measurement of the Influence of Lat- 
Capacity of Deep Augered Footings." 	Proc. 8th eral Earth Pressure on Pile Foundations." Proc. 6th 
Intern. Conf. Soil Mech. Found. Engrg., Vol. 2.1, Intern. Conf. Soil Mech. Found. Engrg., Vol. 2, 
Moscow (1973) pp.  1-8. Montreal (1965) pp. 257-60. 

149. DAVISSON, M. T., and SALLEY, J. R., "Lateral Load 166. LEUSSINK, H., and WENZ, K. P., "Storage Yard 
Tests on Drilled Piers." Performance of Deep Foun- 

Foundations 	of 	Soft 	Cohesive 	Soils." 	Proc. 	7th dations-ASTM Spec. Techn. Pub!. 444 (1969) pp. 
Intern. Conf. Soil Mech. Found. Engrg., Vol. 2, 

150. 
68-83. 
PADUANA, J., and YEE, W. S., "Lateral Load Tests 

Mexico City (1969) pp.  149-55. 

on Piles in Bridge Embankments." Hwy. Res. Rec- 
167. WENZ, K. P., "Large Scale Tests for Determination 

ord No. 517 (1974) pp.  77-92. of Lateral Loads on Piles in Soft Cohesive Soils." 

151. ALIZADEH, M., "Lateral Load Tests on Instrumented Proc. 8th mt. Conf. Soil Mech.. Found. Engrg., Vol. 

Timber Piles." Performance of Deep Foundations- 
2.2, Moscow (1973) pp.  247-55. 

ASTM Spec. Techn. Pub!. 444 (1969) pp.  379-94. 168. DE BEER, E. E., and WALLAYS, M., "Forces Induced 

152. MATLOCK, H., RIPPERGER, E. A., and REESE, L. C. in Piles by Unsymmetrical Surcharges on the Soil 

"Recommendations Pertaining to the Design of Lat- Around the Piles." 	Proc. 5th European Conf. Soil 

erally Loaded Piles." Report to Shell Oil Co. by En- Mech., Vol. 1, Madrid (1972) pp.  325-32. 

gineering Science Consultants, Austin, Texas (1957) 169. MARCHE, R., "Discussion." Specialty Session No. 5, 

99 pp. Proc. 8th Intern. Conf. Soil Mech. Found. Engrg., 

153. GILL, H. L., "Soil Behavior Around Laterally Loaded Vol. 4.3, Moscow (1973) pp.  247-52. 

Piles." 	Tech. Rept. R-571, Naval Civil Eng. Lab., 170. POULOS, H. G., "Analysis of Piles in Soil Under- 
Port Hueneme., California (1968) 55 pp. 'going Lateral Movement." 	Proc. ASCE, Jrnl. Soil 

154. GILL, H. L., and DEMARS, K. R., "Displacement of Mech. Found., Vol. 99, SM5 (May 1973) pp.  391- 
Laterally Loaded Structures in Nonlinearly Respon- 406. 
sive Soil." 	Tech. Rept. R 670, Naval Civil Eng. 171. WENZ, K. P., "Uber die Grosse des Seitendruckes 
Lab., Port Hueneme, Ca. (1970) 59 pp. auf Pfähle in bindigen Erdstoffen." Veroflentlichun- 

155. VEslé, A., "Contribution a l'étude des fondations sur gen, No. 12, Institut für Bodenmechanik Karlsruhe 
pieux verticaux et inclines," Annales des Travaux (1963) 133 pp. 
Publics de Belgique, No. 6 (1956) pp.  1-74. 172. BRINCH HANSEN, J., "The Ultimate Resistance of 

156. DOUGLAS, D. J., and DAVIS, E. H., "The Movement Rigid Piles Against Transversal Forces." 	Bull. No. 
of Buried Footings due to Moment and Horizontal 12, Danish Geotechnical Institute (1961) 	pp.  5-9. 
Load and the Movement of Anchor Plates," Géo- 173. GRANHOLM, H., "On Elastic Stability of Piles Sur- 
technique, Vol. 14 (1964) pp.  115-32. rounded by a Supporting Medium." Handingar Ing. 

157. SPILLERS, W. R., and STOLL, R. D., "Lateral Re- Vet. Akad. No. 89, Stockholm (1929). 
sponse of Piles." Jrnl. Soil Mech. Found., Vol. 90, 174. CUMMINGS, A. E., "The Stability of Foundation Piles 
No. SM6, ASCE (Nov. 1964) pp.  1-9. Against Buckling Under Axial Load." Proc. Hwy. 

158. POULOS, H. G., "Behavior of Laterally Loaded Piles: Res. Board, Vol. 58, Part 11(1938) pp.  112-23. 
I-Single Piles." Jrnl. Soil Mech. Found., Vol. 97, 175. BERGFELT, A., "The Axial and Lateral Load Bearing 
No. SM5, ASCE (May 1971) pp. 711-31. Capacity and Failure by Buckling of Piles in Soft 

159. POULOS, H. G., "Load-Deflection Prediction for Lat- Clay." 	Proc. 4th Intern. Conf. Soil Mech. Found. 
erally Loaded Piles." 	Australian 	Geomech. Jrnl., Engrg., Vol. 2, London (1957). 
Vol. G3, No. 1 (1973) pp. 1-8. 176. BRANDTZAEG, A., and HARBOE, E., "Buckling Tests 

160. PRAKASH, S., and SARAN, D., "Behavior of Laterally of Slender Steel Piles in Soft, Quick Clay." Proc. 4th 
Loaded Piles in Cohesive Soil." 	Proc. 3rd Asian Intern. Conf. Soil Mech. Found. Engrg., Vol. 2, 
Conference Soil Mech., Haita (1967) pp.  235-8. London (1957) pp.  19-23. 



61 

ing Methods." Hwy. Res. Record No. 333 (1970) 
pp. 16-22. 
SMITH, E. A. L., "Pile Driving Analysis by the Wave 
Equation." Proc. ASCE, Jrnl. Soil Mech. Found. 
Div., Vol. 86, SM4 (1960) pp.  35-61. 
TIMOSHENKO, S. P., and GOODIER, J. N., Art. 168 in 
Theory of Elasticity, McGraw-Hill, New York 
(1970). 
GLANVILLE, W. H., GRIME, G., Fox, E. N., and 
DAVIS, W. W., "An Investigation of the Stresses in 
Reinforced Concrete Driving." Building Res. Tech. 
Paper No. 20, Dept. of Scientific and Industrial Res., 
London (1938) (HMSO) 111 pp. 
HIRSCH, T. J., "Fundamental Design and Driving 
Considerations for Concrete Piles." Hwy. Res. Rec-
ordNo. 147 (1966) pp.  29-34. 
SAMSON, C. H., JR., HIRSCH, T. J., and LOWERY, 
L. L., "Computer Study of Dynamic Behavior of 
Piling." Proc. ASCE, Jrnl. Struct. Div., Vol. 89, 
ST4 (1963). 
EDWARDS, T. C., "Piling Analysis Wave Equation 
Computer Program Utilization Manual." Res. Rept. 
No. 33-11, Texas Transp. Inst., College Station, 
Texas (1967) 40 pp. 
RAAMOT, T., "Analysis of Pile Driving by Wave 
Equation." Foundation Facts, Vol. 3, No. 1, Ray-
mond Tnt. Co. (1967) pp.  10-12. 
DAVISSON, M. T., "Design Pile Capacity." Design 
and Installation of Pile Foundations and Cellular 
Structures, Envo Publishing Co., Lehigh Valley, Pa. 
(1970) pp.  75-85. 
HOUSEL, W. S., "Michigan Study of Pile Driving 
Hammers." Proc. ASCE, Jrnl. Soil Mech. Found. 
Div., Vol. 91, SM5 (Sept. 1965) pp.  37-64. 
DAVISSON, M. T., and MCDONALD, V. J., "Energy 
Measurements for a Diesel Hammer." Performance 
of Deep Foundations-A STM Spec. Techn. Publ. 
No. 444, Philadelphia (1969) pp.  295-337. 
TAvENAS, F., and AUDY, R., "Limitations of the Driv-
ing Formulas for Predicting the Bearing Capacities 
of Piles in Sand." Canadian Geotech. Jrnl., Vol. 9, 
No. 1 (1972) pp.  47-62. 
SCANLAN, R. H., and TOMKO, J. J., "Dynamic Pre-
diction of Pile Static Bearing Capacity." Proc. ASCE, 
Jrnl. Soil Mech. Found. Div., Vol. 95, SM2 (1969) 
pp. 583-604. 
GOBLE, G. G., and RAUSCHE, F., "Pile Load Test by 
Impact Driving." Hwy. Res. Record No. 333 (1970) 
pp. 123-9. 
GOBLE, G. G., WALKER, F. K., and RAUSCHE, F., 
"Pile Bearing Capacity-Prediction vs. Performance, 
Performance of Earth and Earth-Supported Struc-
tures," ASCE Specialty Conference, Purdue Univ. 
(1972) Vol. 1, Pt. 2, pp. 1243-58. 
SØRENSEN, T., and HANSEN, B., "Pile Driving For-
mulae-an Investigation Based on Dimensional Con-
siderations and a Statistical Analysis." Proc. 4th 
Intern. Con!. Soil Mech. Found. Engrg., Vol. 2, 
London (1957) pp. 61-5. 

Hammers and Driv- 	211. LOWERY, L. L., et al., "Pile Driving Analysis-State 

GOLDER, H. Q., and SKIPP, B. 0., "The Buckling of 
Piles in Soft Clay." Proc. 4th Intern. Con!.  Soil 
Mech., Found. Engrg., Vol. 2, London (1957) pp. 
35-9. 
HOADLEY, P. J., FRANCIS, A. J., and STEVENS, I. K., 
"Load Testing of Slender Steel Piles in Soft Clays." 
Proc. 7th Intern. Con!. Soil Mech. Found. Engrg., 
Vol. 2, Mexico City (1969) pp. 123-30. 
DAVISSON, M. T., "Estimating Buckling Loads for 
Piles." 2nd Panam. Con!. Soil Mech. Found. Engrg., 
Vol. 1, Brazil (1963) pp. 351-71. 
SIVA REDDY, A., and VALSANGAKAR, A. J., "Buckling 
of Fully and Partially Embedded Piles." Jrnl. Soil 
Mech. and Found., Vol. 96, SM6, ASCE (1970) 
pp. 1951-65. 
SIVA REDDY, A., VALSANGAKAR, A. J., and MISHRA, 
G. C., "Buckling of Fully and Partially Embedded 
Tapered Piles." Proc. 4th Asian Regional Con!. Soil 
Mech., Bangkok (1971) pp.  301-4. 
DAVISSON, M. T., and ROBINSON, K. E., "Bending 
and Buckling of Partially Embedded Piles." Proc. 
6th Intern. Conj. Soil Mech. Found. Engrg., Vol. 2, 
Montreal (1965) pp.  245-6. 
GULLANDER, P., "Teori for grundpalningar med 
tillämpningar." Norstedt, Stockholm (1914). 
HRENNIKOFF, A., "Analysis of Pile Foundations with 
Batter Piles." Trans. ASCE, Vol. 115 (1950) pp. 
35 1-82. 
ASPLUND, S. 0., "Generalized Elastic Theory for Pile 
Groups." Publications, Vol. 16, mt. Assn. Bridge 
Structural Engrg. (1956) pp.  1-22. 
FRANCIS, A. J., "Analysis of Pile Groups with Flex-
ural Resistance." Proc. ASCE, Jrnl. Soil Mech. 
Found., Vol. 90, SM3 (1964) pp.  1-32. 
SAUL, W. E., "Static and Dynamic Analysis of Pile 
Foundations." Proc. ASCE, Jrnl. Structural Div., 
Vol. 94, ST5 (1968) pp.  1077-1100. 
REESE, L. C., O'NEILL, M. W., and SMITH, E., 
"Generalized Analysis of Pile Foundations." Proc. 
ASCE, Jrnl. Soil Mech. Found. Div., Vol. 96, SM! 
(1970) pp.  235-50. 
TSCHEBOTARIOFF, G. P., "The Resistance to Lateral 
Loading of Single Piles and Pile Groups." Spec. 
Techn. Publ. No. 154, ASTM symposium on Lateral 
Load Tests on Piles (1954) pp.  38-51. 
BROMS, B. B., "Design of Laterally Loaded Piles." 
Proc. ASCE, Jrnl. Soil Mech. Found. Div., Vol. 91, 
SMM (1965) pp.  79-99. 
ASCHENBRENNER, R., "Three-Dimensional Analysis 
of Pile Foundations." Proc. ASCE, Jrnl. Struct. Div., 
Vol. 93, ST1 (1967) pp.  201-19. 
DAVISSON, M. T., and PRAKASH, S, "A Review of 
Soil-Pile Behavior." Hwy. Res. Record No. 39 
(1963) pp.  25-48. 
PAROLA, J. F., "Mechanics of Impact Pile Driving." 
Ph.D. dissertation, Univ. of Illinois, Urbana (1970). 
DAVISSON, M. T., "Pile Hammers, Pile Driving and 
Driving Formulas." ASCE Lecture Series, New York 
(May 1966) 21 pp. 

195 GENDRON, G. J., "Pile Driving 



62 

of the Art." Res. Rept. No. 33-13, Texas Transport. 	220. SzcHY, K., "Deformations Around and Below 
Inst., College Station, Texas (1969). Driven and Vibrated Test Tubes." Acta Technica 
DAvissoN, M. T., "Lateral Load Capacity of Piles." Acad. Sci. Hung., Vol. 62, (1968) pp.  97-113. 
Hwy. Res. Record No. 333 (1970) pp.  104-12. 	221. SCHULTZE, E., "Experimental Method and Evalua- 
DAvissoN, M. T., "Summary of Knowledge Gained tion of Some Loading Tests on Piles" Symposium on 
from Tests on Instrumented Driven Piles." 	ASCE Bearing Capacity of Piles, Roorkee, India (1964) 
Lecture Series, New York (May 1966) 22 pp. pp. 60-88. 
American Society for Testing and Materials, "Stan- 	222. MASTERS, F. M., "Timber Friction Pile Foundations" 
dard Method of Test for Load-Settlement Relation- Trans. Am. Soc. Civil Engrs., Vol. 108 (1943) pp. 
ship for Individual Vertical Piles Under Static Axial i 15-73. 
Load (D-1143-75)," Annual Book of ASTM Stan- 	223. FLETCHER, G. F. A., "Standard Penetration Test: Its 
dards, Part 19 (1975). Uses and Abuses." 	Proc. ASCE, Jrnl. Soil Mech. 
PouLos, H. G., "A Theoretical Examination of Er- Found. Div., Vol. 91, SM4 (July 1965) pp. 67-75. 
rors in Measured Settlements of Test Piles." 	Res. 	224. JOHNSON, S. M., "Determining the Capacity of Bent 
Rept. No. R-257, School of Civil Eng., The Univ. of Piles." 	Proc. ASCE, Jrnl. Soil Mech. Found. Div., 
Sidney (1974) 21 pp. Vol. 88, SM6 (Dec. 1962) pp.  65-76. 
Static Pile Load Test Manual, New York State Dept. 	225. BROMS, B. B., "Allowable Bearing Capacity of mi- of Trans., Albany (1974) 35 PP tially Bent Piles." Proc. ASCE, Jrnl. Soil Mech. 
WHITAKER, T., and COOKE, R. W., "A New Ap- 

Found. Div., Vol. 89, SM5 (Sept. 1963) pp. 73-90. proach to Pile Testing." Proc. 5th Intern. Conf. Soil 	
226. Mech. Found. Engrg., Vol. 2, Paris (1961) pp. 171-6 KIsHIDA, H., and ISEMOTO, K., "Behavior of Sand 

WHITAKER, T., and COOKE, R. W., "An Investigation Plugs in Open-End Steel Pipe Piles." 	Proc. 	9th 

of the Shaft and Base Resistances of Large Bored Internat. Conf. of Soil Mech. Found. Eng., Tokyo, 

Piles in London Clay." Proc. Symp. on Large Bored Vol. 1, pp. 601 -604 (1977). 
Piles, Inst. of Civil Engrs., London (1966) pp. 7-49. 	227. FEAGIN, L. B., "Performance of Pile Foundations of 
FULLER, F. M., and Hoy, H. E., "Pile Load Tests, Navigation Locks and Dams on the Upper Missis- 
Including Quick-Load Test Method, Conventional sippi River." 	Proc. 2nd Intern. Conf. Soil Mech. 
Methods, and Interpretations." 	Hwy. Res. Record Found. 	Engrg., 	Rotterdam, 	Vol. 	4, 	pp. 	98-106 
No. 333 (1970) pp. 74-86. 	 . (1948). 

AUTHOR INDEX* 

Aas, G., 66 	 Bozozuk, M., 80, 83 Demars, K. R., 154 
Abramescu, T., 147 	 Brandt, E. W., 135 De Mello, V. F. B., 62 
Adam, M., 28,74 	 Brandtzaeg, A., 176 Di Biaggio, E., 66 
Adams, J. J., 148 	 Brinch Hansen, J., 49, 172 Douglas, D. J., 156 
Ahu, J., 85 	 Broms, B. B., 79, 190, 225 
Aitchison, G. D., 12 	 Buisson, M., 85 Edwards, T. C., 201 
Al-Awkati, Z., 30, 32 	 Burland, J. B., 22, 53, 114 Eide, 0., 86 
Alizadeh, M., 146,151 Ellison, R. D., 110, 111 
Allen, J., 17 	 Chandler, R. J., 45, 46 Endo, M., 78 
Amer. Rwy. Engrg. Assn., 76 	 Chellis, R. D., 19 
Amer. Soc. Test. Materials, 214 	Claessen, A. I. M., 87 Fausold, M., 129 
Aschenbrenner, R., 191 	 Clough, G. W., 37,93 Fellenius, B. H., 79 
Asplund, S. 0., 185 	 Cognon, J. M., 84 Fletcher, G. F. A., 223. 
Audy, R., 206 	 Cooke, R. W., 116, 217, 218 Fox, E. N., 198 

Coyle, H. M., 40, 91 Francis, A. J., 73, 178,186 
Baguelin, F. et al., 69 	 Crowther, C. L., 64 Fuller, F. M., 219 
Barber, E. S., 140 	 Cummings, A. E., 48,174 
BCP Committee, 35 Garlanger, J. E., 81 
Begeman, H. K. 5., 105 	 D'Appolonia, E., 94, 95, 97, 111 	Gendron, G. J., 195 
Belzunce, J. A., 96 	 Darvall, P. L. P., 82 Gibson, R. E., 130 
Berezantsev, V. 0., 123 	 Davis, E. H., 15, 98, 112, 156 	. 	 Gill, H. L., 143, 153, 154 
Bergfelt, A., 175 	 Davis, W. W., 198 Glanville, W. H:, 198 
Bjerrum, L., 49, 77, 86 	 Davisson, M. T., 75, 143, 145, 146, 	Gleser, S. M., 162 
Blight, G. E., 10 	 149, 179, 182, 192, 194, 203, 205, 	Goble, G. G., 208,209 
Boersma, L., 164 	 212,213 . 	 Gold, L. W., 16 
Botea, E., 147 	 De Beer, E. E., 27, 56, 57, 107, 168 	Golder, H. Q., 177 

* Entries refer to numerical sequence in Reference List. 



63 

Golubkov, V. N., 123 Mariotti, M., 13 Schultze, E., 61, 221 
Goodier, J. N., 197 Martin, C. B., 129 Seed, H. B., 89 
Grand, B. E., 20 Masters, F. M., 222 Serota, S., 65 
Granhoim, H., 173 Matlock, H., 141, 152 Sevaldson, R., 49 
Grant, E. L., 3 Mattes, N. S., 100, 101, 102, 103, 104 Sheehan, J. V., 117 
Gregersen, 0. S., 6. McClelland Engineers, 51 Shibata, T., 78 
Grub, 0., 109 McDonald, V. J., 205 Siva Reddy, A., 180,181 
Grime, G., 198 Meigh, A. C., 59, 67 Skempton, A. W., 43,130 
Gullander, P., 183 Melzer, K. J., 61 Skipp, B. 0., 177 

Meyerhof, G. G., 58, 119, 131 Smith, E., 188 
Habib, P., 85 Mindlin, R. D., 113 Smith, E. A. L., 196 
Hansen, B., 210 Minou, A., 78 Soderberg, L. 0., 50 
Hanson, W. E., 18 Mishra, G. C., 181 SØrensen, T., 210 
Harboe, E., 176 Moorhouse, D. C., 117 Sowers, G. F., 129 
Hetényi, M., 137 Muktabhant, C., 135 Spillers, W. R., 157 
Heyman, L., 164,165 Stevens, I. K., 178 
Hirsch, T. J., 199, 200 NCHRP, 7 Stevens, L. K., 73 
Hoadley, P. J., 178 Neill, C. R., 8 Stevens, R. F., 52 
Holloway, D. M., 93 New York State Dept. of Trans., Soil Stoll, R. D., 157 
Horvat, E., 87 Mech. Bur., 216 Sulaiman, I. H., 40 
Housel, W. S., 204 Nixon, I. K., 59, 67 Sutherland, H. B., 60 
Hay, H. E.,219 Széchy, C., 25, 220 
Hrennikoff, A., 1184 O'Neill, M. W., 72,188 
Huck, R. W., 17 Taechathummarak, A., 135 
Hudson, W. R., 92 Paduana, J., 150 Tate, A. P. K., 128 
Hughes, J. M. 0., 68 Palmer, L. A., 139 Tavenas, F., 71, 206 
Hunter, A. H., 75,134 Parola, J. F., 193 Tejchman, A. F., 126 
Hutchinson, J. N., 88 Partos, A., 133 Terzaghi, K., 118, 144 

Peck, R. B., 18, 21, 48, 118 Thiers, G. R., 111 
Ireson, W. G., 3 Penner, E., 16 Thompson, J B., 139 
Isemoto, N., 226 Perboff, W. H., 2 Thornburn, T. H., 18 
Ito, K., 136 Pichumani, R., 97 Thornley, J. H., 5 

Poubos, H. G., 15, 98, 99, 100, 101, Thurman, A. G., 95 
Jensen, E. V., 88 102, 103, 104, 112, 115, 158, 159, Timoshenko, S. P., 197 
Johannessen, I. J., 77, 86 170,215 Tomko, J. J., 207 
Johnson, S. M., 224 Prakash, S., 160, 161, 192 Tomlinson, M. J., 4, 42, 54, 70 

Press, H., 121 Touma, F. T., 41 
Kawasaki, T., 78 Trolbope, D. H., 73 
Kérisel, J., 28, 74 Raamot, T., 202 Tschebotarioff, G. P., 189 
Kerkhoff, G. 0., 48 Radakrishna, H. S., 148 
Kézdi, A., 122 Rausche, F., 208, 209 

Van der Veen, C., 23 
Khalid, R., 13 Reese, L. C., 41, 72, 89, 90, 91, 92; 

Valsangakar, A. J., 181, 182 
Khristoforov, V. S., 123 141, 152, 188 

Verrujt, A 	106 
Kim, J. B., 163 Richards, B. G., 11 

Vesk, A. S., 1, 24, 26, 29, 30, 31, 36, 
Kishida, H., 125, 226 Rifaat, J., 138 . 

37, 38, 39, 44, 47, 63, 93, 124, 142, 
Koerner, R. M., 133 Rippe rger, E. A., 152 

155 
Koizumi, Y., 35,136 Robinson, K. E., 182 

Vijayvergiya, Y. N., 92 
Komornik, A., 9, 14 Romualdi, J. P., 94 

Rourk, T. L., 33 
Ladanyi, B., 34 Walker, F. K., 209 
Laursen, E. M., 6 Saffery, M. R., 128 Walker, L. K., 82 
Leonards, G. A., 132 Salas, J. A. J., 96 Wallays, M., 168 
Leussink, H., 166 Salley, J. R., 145,149 Wenz, K. P., 166, 167, 171 
Lord, J. A., 114 Samson, C. H., Jr., 200 Whitaker, T., 116, 127, 217, 218 
Lowery, L. L., 200, 211 Sanglerat, G., 55 Wilson, L. L., 129 
Lowther, G., 65 Saran, D., 160 Woodburn, J. A., 12 

Saul, W. E., 187 Wroth, C. P., 22, 68 
Manoliu, I., 147 Savory, N. R., 73 
Mansur, C. I., 134 Scanlan, R. H., 207 
Marche, R., 169 Schlitt, H. G., 120 Yassin, A. S., 130 



64 

Yee, W. S., 150 
	

Zeevaert, L., 108 
Yoshimi, Y., 35 
	

Zeitlen, J. G., 9, 14 



65 

APPENDIX A 

ANALYSIS OF POINT RESISTANCE 

Based on geometry and boundary conditions shown in 
Figure 7 of this synthesis, an approximate value of N can 
be found if the average normal stress along the ring BD is 
assumed to be equal to the ultimate pressure needed to 
expand a spherical cavity in an infinite soil mass. That 
mass may be assumed to behave as an ideal elastic-plastic 
solid, characterized by already defined strength parameters 
c, 4, deformation parameters E (modulus of deformation) 
and 1L (Poisson's ratio), as well as by a volume change pa-
rameter, A, representing average volumetric strain in the 
plastic zone III surrounding the cavity (36). Computations 
based on these assumptions yield for N the expression 

N = 
	

e 	
""b tan2 ( + 	'rr 3(+sIit) (A-i) 

in which, according to Reference 36, 'rr  represents the re-
duced rigidity index of the soil 

Ir  
 'rr = + 'r 	

(A-2) 

which in conditions of no volume change (undrained con-
ditions) or little volume change (dense strata) can be taken 
equal to the rigidity index 'r'  given by expression 

E 	- G 

	

IF 
2(1+v)(c+qtan)c+qtan 	

(A-3) 

The magnitude of N* can be found from Eq. 4 and 
Eq. A-i. It can be shown that for a frictionless soil 
(çb = 0), these expressions yield: 

	

N*j(1fl1rr+i)+ 
ir 
 +1 	(A-4) 

C 	3 

Numerical values of N and 	after Eqs. A-i and A-4, 
respectively, are given in Table A-i. Typical values of 
rigidity index of some known soils are given in Table A-2. 
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TABLE A-i 

BEARING CAPACITY FACTORS FOR DEEP FOUNDATIONS" 

ox  10 20 40 60 80 100 200 300 400 500 

0 6.97 7.90 8.82 9.36 9.75 10.04 10.97 11.51 11.89 12.19 -> 
1.00 1.00 1.00 1.00 1.00 1.00 1.00 1.00 1.00 l.00--------- ----> 	- 

1 7.34 8.37 9.42 10.04 10.49 10.83 11.92 12.57 13.03 13.39 
1.13 1.15 1.16 1.18 1.18 1.19 1.21 1.22 1.23 1.23 

2 7.72 8.87 10.06 10.77 11.28 11.69 12.96 13.73 14.28 14.71 
1.27 1.31 1.35 1.38 1.39 1.41 1.45 1.48 1.50 1.51 

3 8.12 9.40 10.74 11.55 12.14 12.61 14.10 15.00 15.66 16.18 
1.43 1.49 1.56 1.61 1.64 1.66 1.74 1.79 1.82 1.85 

4 8.54 9.96 11.47 12.40 13.07 13.61 15.34 16.40 17.18 17.80 
1.60 1.70 1.80 1.87 1.91 1.95 2.07 2.15 2.20 2.24 

5 8.99 10.56 12.25 13.30 14.07 14.69 16.69 17.94 18.86 19.59 
1.79 1.92 2.07 2.16 2.23 2.28 2.46 2.57 2.65 2.71 

6- 9.45 11.19 13.08 14.26 15.14 15.85 18.17 19.62 20.70 21.56 
1.99 2.18 2.37 2.50 2.59 2.67 2.91 3.06 3.18 3.27 

7 9.94 11.85 13.96 15.30 16.30 17.10 19.77 12.46 22.71 23.73 
2.22 2.46 2.71 2.88 3.00 3.10 3.43 3.63 3.79 3.91 

8 10.45 12.55 14.90 16.41 17.54 18.45 21.51 23.46 24.93 26.11 
2.47 2.76 3.09 3.31 3.46 3.59 4.02 4.30 4.50 4.67 

9 10.99 13.29 15.91 17.59 18.87 19.90 23.39 25.64 27.35 28.73 
2.74 3.11 3.52 3.79 3.99 4.15 4.70 5.06 5.33 5.55 

10 11.55 14.08 16.97 18.86 20.29 21.46 25.43 28.02 29.99 31.59 
3.04 3.48 3.99 4.32 4.58 4.78 5.48 5.94 6.29 6.57 

11 12.14 14.90 18.10 20.20 21.81 23.13 27.64 30.61 32.87 34.73 
3.36 3.90 4.52 4.93 5.24 5.50 6.37 6.95 7.39 7.75 

12 12.76 15.77 19.30 21.64 23.44 24.92 30.03 33.41 36.02 38.16 
3.71 4.35 5.10 5.60 5.98 6.30 7.38 8.10 8.66 9.11 

13 13.41 16.69 20.57 23.17 25.18 26.84 32.60 36.46 39.44 41.89 
4.09 4.85 5.75 6.35 6.81 7.20 8.53 9.42 10.10 10.67 

14 14.08 17.65 21.92 24.80 27.04 28.89 35.38 39.75 43.15 45.96 
4.51 5.40 6.47 7.18 7.74 8.20 9.82 10.91 11.76 12.46 

15 14.79 18.66 23.35 26.53 29.02 31.08 38.37 43.32 47.18 50.39 
4.96 6.00 7.26 8.11 8.78 9.33 11.28 12.61 13.64 14.50 

16 15.53 19.73 24.86 28.37 31.13 33.43 41.58 47.17 51.55 55.20 
5.45 6.66 8.13 9.14 9.93 10.58 12.92 14.53 15.78 16.83 

17 16.30 20.85 26.46 30.33 33.37 35.92 45.04 51.32 56.27 60.42 
5.98 7.37 9.09 10.27 11.20 11.98 14.77 16.69 18.20 19.47 

18 17.11 22.03 28.15 32.40 35.76 38.59 48.74 55.80 61.38 66.07 
6.56 8.16 10.15 11.53 12.62 13.54 16.84 19.13 20.94 22.47 

19 17.95 23.26 29.93 34.59 38.30 41.42 52.71 60.61 66.89 72.18 
7.18 9.01 11.31 12.91 14.19 15.26 19.15 21.87 24.03 25.85 

20 18.83 24.56 31.81 36.92 40.99 44.43 56.97 65.79 72.82 78.78 
7.85 9.94 12.58 14.44 15.92 17.17 21.73 24.94 27.51 29.67 

21 19.75 25.92 3180 39.38 43.85 47.64 61.51 71.34 79.22 85.90 
8.58 10.95 13.97 16.12 17.83 19.29 24.61 28.39 31.41 33.97 

22 20.71 27.35 35.89 41.98 46.88 51.04 66.37 77.30 86.09 93.57 
9.37 12.05 15.50 17.96 19.94 21.62 27.82 32.23 35.78 38.81 

23 21.71 28.84 38.09 44.73 50.08 54.66 71.56 83.68 93.47 101.83 
10.21 13.24 17.17 19.99 22.26 24.20 31.37 36.52 40.68 44.22 

24 22.75 30.41 40.41 47.63 53.48 58.49 77.09 90.51 101.39 110.70 
11.13 14.54 18.99 22.21 24.81 27.04 35.32 41.30 46.14 50.29 

25 23.84 32.05 42.85 50.69 57.07 62.54 82.98 97.81 109.88 120.23 
12.12 15.95 20.98 24.64 27.61 30.16 39.70 46.61 52.24 57.06 
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\ir 

10 20 40 60 80 100 200 300 400 500 

26 24.98 33.77 45.42 53.93 60.87 66.84 89.25 105.61 118.96 130.44 
13.18 17.47 23.15 27.30 30.69 33.60 44.53 52.51 59.02 64.62 

27 26.16 35.57 48.13 57.34 64.88 71.39 95.02 113.92 128.67 141.39 
14.33 19.12 25.52 30.21 34.06 37.37 49.88 59.05 66.56 73.04 

28 27.40 37.45 50.96 60.93 69.12 76.20 103.01 122.79 139.04 153.10 
15.57 20.91 28.10 33.40 37.75 41.51 55.77 66.29 74.93 82.40 

29 28.69 39.42 53.95 64.71 73.58 81.28 110.54 132.23 150.11 165.61 
16.90 22.85 30.90 36.87 41.79 46.05 62.27 74.30 84.21 92.80 

30 30.03 41.49 57.08 68.69 78.30 86.64 118.53 142.27 161.91 178.98 
18.24 24.95 33.95 40.66 46.21 51.02 69.43 83.14 94.48 104.33 

31 31.43 43.64 60.37 72.88 83.27 92.31 126.99 152.95 174.49 193.23 
19.88 27.22 37.27 44.79 51.03 56.46 77.31 92.90 105.84 117.11 

32 32.89 45.90 63.82 77.29 88.50 98.28 135.96 164.29 187.87 208.43 
21.55 29.68 40.88 49.30 56.30 62.41 85.96 103.66 118.39 131.24 

33 34.41 48.26 67.44 81.92 94.01 104.58 145.46 176.33 202.09 224.62 
23.34 32.34 44.80 54.20 62.05 68.92 95.46 115.51 132.24 146.87 

34 35.99 50.72 71.24 86.80 99.82 111.22 155.51 189.11 217.21 241.84 
25.28 35.21 49.05 59.54 68.33 76.02 105.90 128.55 147.51 164.12 

35 37.65 53.30 75.22 91.91 105.92 118.22 166.14 202.64 233.27 260.15 
27.36 38.32 53.67 65.36 75.17 83.78 117.33 142.89 164.33 183.16 

36 39.37 55.99 79.39 97.29 112.34 125.59 177.38 216.98 250.30 279.60 
29.60 41.68 58.68 71.69 82.62 92.24 129.87 158.65 182.85 204.14 

37 41.17 58.81 83.77 102.94 119.10 133.34 189.25 232.17 268.36 300.26 
32.02 45.31 64.13 78.57 90.75 101.48 143.61 175.95 203.23 227.26 

38 43.04 61.75 88.36 108.86 126.20 141.50 201.78 248.23 287.50 322.17 
34.63 49.24 70.03 86.05 99.60 111.56 158.65 194.94 225.62 252.71 

39 44.99 64.83 93.17 115.09 133.66 150.09 215.01 265.23 307.78 345.41 
37.44 53.50 76.45 94.20 109.24 122.54 175.11 215.78 250.23 280.71 

40 47.03 68.04 98.21 121.62 141.51 159.13 228.97 283.19 329.24 370.04 
40.47 58.10 83.40 103.05 119.74 134.52 193.13 238.62 277.26 311.50 

41 49.16 71.41 103.49 128.48 149.75 168.63 243.69 302.17 351.95 396.12 
43.74 63.07 90.96 112.68 131.18 147.59 212.84 263.67 306.94 345.34 

42 51.38 74.92 109.02 135:68 158.41 178.62 259.22 322.22 375.97 423.74 
47.27 68.46 99.16 123.16 143.64 161.83 234.40 291.13 339.52 382.53 

43 53.70 78.60 114.82 143.23 167.51 189.13 275.59 343.40 401.36 452.96 
51.08 74.30 108.08 134.56 157.21 177.36 257.99 321.22 375.28 423.39 

44 56.13 82.45 120.91 151.16 177.07 200.17 292.85 365.75 428.21 483.88 
55.20 80.62 117.76 146.97 172.00 194.31 283.80 354.20 414.51 468.28 

45 58.66 86.48 127.28 159.48 187.12 211.79 311.04 389.35 456.57 516.58 
59.66 87.48 128.28 160.48 188.12 212.79 312.03 390.35 457.57 517.58 

46 61.30 90.70 133.97 168.22 197.67 224.00 330.20 414.26 486.54 551.16 
64.48 94.92 139.73 175.20 205.70 232.96 342.94 429.98 504.82 571.74 

47 64.07 95.12 140.99 177.40 208.77 236.85 350.41 440.54 518.20 587.72 
69.71 103.00 152.19 191.24 224.88 254.99 376.77 473.42 556.70 631.25 

48 66.97 99.75 148.35 187.04 220.43 250.36 371.70 468.28 551.64 626.36 
75.38 111.78 165.76 208.73 245.81 279.06 413.82 521.08 613.65 696.64 

49 70.01 104.60 156.09 197.17 232.70 264.58 394.15 497.56 586.96 667.21 
81.54 121.33 180.56 227.82 268.69 305.37 454.42 573.38 676.22 768.53 

50 73.19 109.70 164.21 207.83 245.60 279.55 417.82 528.46 624.28 710.39 
88.23 131.73 196.70 248.68 293.70 334.15 498.94 630.80 744.99 847.61 

Upper number N, lower number N 
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TABLE A-2 

TYPICAL VALUES OF RIGIDITY INDEX, I 

sands and silts 

Relative Mean Normal Rigidity 
Soil density stress level index Source 

D r 
(kg/cm2) I r 0 	(ps.c) 

0.1 	2°S 200 Vesi 
80% 1 	S049 118 and 

Chattahoochee sand 10 52 dough 
100 12 (1968) 

20% 0.1 1140 
1 85 

Ottawa sand 82% 0.05 265 Roy (1966) 
21% 0.05 89 

Piedmont silts 0.70 10-30 Vesi 	(1972) 

clays (undrained conditions) 

Plasticity Water OC Effective Rigidity 
Soil index content ratio stress level index Source 

I o 	(kg/cm2) 

leald clay 25 23.1% 1 2.1 99 
22.5% 214 0.35 10 

Ladanyi 
)rammen clay 19 214.9% 1.5 267 (1963) 

25.1% 1 2.5 259 
27.2% 14.0 233 

Lagunillas 50 65% 1 6.5 390 
clay 4.0 300 

prior to consolidation 
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